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Preface

Advanced Analysis and Design for Fire Safety of Steel Structures presents a Sys-
tematic description of recent research achievements on behaviors of structural steel
components in a fire, such as the catenary actions of restrained steel beams, the de-
sign methods of restrained steel columns and the membrane actions of concrete floor
slabs with steel decks in a fire. Using a systematic description of structural fire safety
engineering principles, the authors illustrate the important difference between behav-
iors of isolated structural elements and restrained components in a global structure
under fire conditions. The book is also essential for structural engineers who wish
to improve their understanding of steel buildings exposed to fires. It is also an ideal
textbook for introductory courses in fire safety for a master degree programme in
structural engineering and a vital reading material for final year undergraduate stu-
dents in civil engineering and fire safety engineering. Furthermore, it successfully
bridges the information gap between fire safety engineers, structural engineers and
building inspectors, and will be of significant interest to architects, code officials,
building designers and fire fighters. We sincerely hope and anticipate that this book
will be useful to anyone interested or involved in this fascinating and technologically
important research area.

Since 1991 we have been devoted to the study of structural behaviors and anal-
ysis of steel structures in a fire. It is unimaginable that the work could have been
carried out, year-by-year, without financial support. Therefore we gratefully ac-
knowledge the National Natural Science Foundation of China (Grant Nos. 59478038,
59778032, 51008181), the National Natural Science Foundation of China for Distin-
guished Young Scholar (Grant No. 50225825), the Foundation for Innovative Re-
search Groups of the National Natural Science Foundation of China (Grant Nos.
50321803, 50621062), the State Key Program of National Natural Science of China
(Grant No. 50738005), the Joint Research Fund for Overseas Natural Science of
China (Grant No. 50728805) and the Open Research Fund of the State Key Labora-
tory of Disaster Reduction in Civil Engineering (Grant No. SLDRCE(09-TS-02) for
the financial support.

It is indeed a great pleasure to extend our “thank you” to all our colleagues and
former research students for their dedication to our research projects. Especially,
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the contributions to Chapter 2 from Dr. Yong Du, to Chapter 3 from Mr. Kai Chen
and Dr. Guobiao Lou, to Chapter 7 from Dr. Shixiong Guo and Dr. Yinzhi Wang,
to Chapter 8 from Dr. Weiyong Wang, to Chapter 9 from Dr. Shouchao Jiang and
Ms. Nasi Zhang, to Chapter 10 from Dr. Shouchao Jiang and to Chapter 11 from
Dr. Huangtin Zhou, Dr. Yong Du and Ms. Jueqian Huang. Their efforts are deeply
appreciated and acknowledged. Finally, we would like to thank the editorial staff of
Springer Verlag and Zhejiang University Press for their great assistance.

The authors
Shanghai, China
July, 2012
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Introduction

1.1 Damage to Steel Structures Caused by Fire

Steel is a non-combustion material, but its yield strength and Young’s modulus de-
grade quickly at high temperature, which makes the steel structure have a low fire
resistance. At the temperature of 600 °C!!, the steel will lose most of its strength
and stiffness. The fire in the building may cause global collapse to the steel structure
or severe damage to structural components.

1.1.1 Global Collapse of Steel Structures in Fire

With the degrading of strength and stiffness of steel at elevated temperatures, struc-
tural components may lose their load bearing capacities, which lead to global col-
lapse of the building. Fig. 1.1 illustrates a steel portal frame industrial building col-
lapsed in a fire!?). And the collapse of The World Trade Center is another disaster
caused by fire 3]

1.1.2 Damage to Structural Components by Fire

In 1990, the Broadgate Street building had a fire during the construction phase and
steel columns and steel beams were seriously damaged!*. Fig. 1.2 illustrates the
buckled steel column caused by the fire. Redistribution of the load to less severely
heated components of the building leads to improved fire resistance performance of
the structure.

In 2001, a severe fire happened at the Taipei Oriental Science District Building %!,
Though the overall structure of the building did not collapse, a large number of steel
structural components were severely damaged. The damage to the steel structure
included (a) fracture of the beam-to-column connection, (b) local buckling of the
steel beam and (c) large deflection in the steel beam and the floor slab, as shown in
Fig. 1.3.
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1.2 Requirements for Fire Resistance of Steel Structures

Fire resistance is a measure of the ability of a building element to resist a fire. It is
most often quantified as the time during which the element can meet certain crite-
ria during exposure to a standard fire-resistance test. Structural fire resistance tests
can also be quantified using the critical temperature or load bearing capacity of a
structural element exposed to a fire.

1.2.1 Ultimate Limit State of Structures in a Fire

When a building is subjected to fire, the load bearing capacity of a structural com-
ponent decreases with the elevation of the temperature. The ultimate limit state of
the structure in the fire is reached when the load bearing capacity of the structural
component equals the applied load.

Depending on whether the structure fails locally or globally, the ultimate limit
states include failure of the structural component and failure of the complete struc-
ture.

Failure of the structural component %! is identified as

o the structural component loses its stability;

o the deformation rate of the structural component exceeds a certain limit;

o the deformation of the structural component is not suitable for the load bearing
function, which can be formulated as

8>l

Z 0 (1.1)

The fire resistance test shows that when the character deformation rate of a struc-
tural component exceeds

Fig. 1.1 Collapse of an industrial building caused by fire
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(a) Fracture of the beam-to-column connection (b) Local buckling of the steel beam

(c) Large deflection in the steel beam (d) Large deflection in the floor slab

Fig. 1.3 Damage to the Taipei Oriental Science District Building caused by fire
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dé 12
-2
dt ~ 15h,

the component will fail in a short time, where § is the maximum deflection of the
structural component in mm, as shown in Fig. 1.4.

(1.2)

Fig. 1.4 Deformation of structural component in fire

Failure of the complete structure %! is identified as

e the structure loses its overall stability;
o the deformation of the structure is not suitable for load bearing function, as
shown in Fig. 1.5, which is formulated as

95— (1.3)

Fig. 1.5 Deformation of the structure in a fire
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1.2.2 Load Bearing Capacity Criteria

The load bearing capacity criteria of the structural component or the overall structure
in a fire is assessed on a calculation basis and can be expressed mathematically as
follows using the limit state function, Z, which is defined as the algebraic difference
between the structural capacity for fire-resistance and the corresponding demand.
The load bearing capacity criteria can be expressed in one of the following three
ways !

e on a time basis

Z=tpiqg—tfireq =0 (1.4)
e on a strength basis
Z=Rfig—E;q>0 (1.5)
e on a temperature basis
Z=Toq~Ty>0 (1.6)

1.2.3 Fire-Resistance Duration Demands

The China Design Code on Building Fire Protection and Prevention (GB50016-
2006) 3! gives the fire resistance duration demand for various structural components
on a time basis, as listed in Table 1.1.

Table 1.1 Fire resistance of structural components

Building grade for fire resistance (h)
Grade I Grade Il Grade III Grade IV

Type of structural component

Fire resistance wall 3.00 3.00 3.00 3.00
Load bearing wall 3.00 250 2.00 0.50
Non-load bearing external wall 1.00  1.00 0.50 -
Stairway wall/ elevator wall 2.00  2.00 1.50 0.50
Partition wall between two residential cells 2.00 2.00 1.50 0.50
Partition wall along the evacuation route 1.00  1.00 0.50 0.25
Partition wall in a residential cell 0.75  0.50 0.50 0.25
Column 3.00 250 2.00 0.50
Beam 2.00 150 1.00 0.50
Slab 1.50  1.00 0.50 -
Roof load bearing structural component 1.50  1.00 - -
Evacuation stair 1.50  1.00 0.50 -

Suspended ceiling (including the ceiling frame) 0.25  0.25 0.15 -
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1.3 Approach for Determining Fire-Resistance of Steel Structures

The fire resistance of a steel structure can be obtained by experimental approach or
analytical approach. Both of them have some advantages and disadvantages.

1.3.1 Experimental Approach

The standard fire resistance test is usually carried out to assign a fire resistance rat-
ing to a steel structure component to enable it to pass the regulatory fire resistance
requirements. So far, numerous standard fire resistance tests for steel structural com-
ponents have been carried out. In China it is GB/T 9978/ and in the United King-
dom it is the BS 476, Part 20!7]. Other countries also have their own standards and
all these standards are similar. For this reason, the fire exposure for the standard fire
resistance test often uses an ISO standard ¥,

The standard test for fire resistance of a structural element is carried out in a
furnace, either gas or oil fired. The average rise in furnace temperature may accord
to the following temperature-time relationship provided by ISO 83481 as

T — Ty = 3451g(8t + 1) (1.7)

The fire resistance of a structural component can be assessed according to load
bearing, insulation or integrity criterial®’. The load bearing criterion is concerned
with the load resistant capacity of the specimen. The insulation criterion is concerned
with the excessive temperature increase on the unexposed surface of the specimen.
And the integrity criterion is associated with the fire spreading through gaps in the
test specimen. For a framed steel or steel-concrete composite component, the load
bearing criterion is usually the major concern.

Although the standard fire resistance test is a convenient way to grade the relative
fire performance of different types of structural members, for a number of reasons it
is not very effective in developing our understanding of realistic structural behavior
in a fire.

The main deficiencies in the standard fire resistance test are as follows!!0]

e the standard fire exposure is only one of numerous types of realistic fire condi-
tions;

e standard fire resistance tests are carried out on individual structural elements,
not structural assemblies and the structural component interactions cannot be
considered;

e standard fire resistance tests are carried out for very specific objectives and in-
strumentation is usually not adequate for thorough retrospective analysis;

e the boundary condition of the structural specimen under testing is usually simply
supported, which is different from the condition of the element restrained in a
real structure in most cases. However, any stiffness of this inevitable restraint
could have a significant influence on the behavior of the element exposed to fire;

e the failure criteria usually do not adequately describe the intended usage of the
building.
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Despite all these shortcomings, the collective results of different standard fire
resistance tests have made great contributions to our understanding of the behavior
of steel structural elements in a fire. It is based on these results that fire safety design
of steel structures has been made possible.

1.3.2 Analytical Approach

The fire resistance of a structure can also be obtained by analytical approach. The
complexity of the fire resistance analytical model depends on complexities of heating
models and structural models.

There are three heating models, as shown in Table 1.21?!, which are (a) standard
fire model (Hy), (b) equivalent fire model (H>) and (c) real fire model (H3), as shown
in Table 1.2. The standard fire model (H;) is simple, however it may be very different
from the real fire. The equivalent fire model (H;) uses the standard fire curve, but the
duration of fire exposure is determined by the equivalent fire duration time related to
actual fire characteristics of the compartment, such as the fire load, internal surface
area of the compartment, the opening area of the compartment, thermal characteris-
tics of compartment boundaries, etc. In lieu of a full calculation using such a model,
it is permissible to use a parametric equation to represent the compartment fire!!!.
The real fire model (H3) directly simulates fire development with consideration for
the actual characteristics of the compartment.

Correspondingly, there are three structural models (Table 1.2121y which are (a)
element model (S1), (b) sub-structural model (S,) and (c) complete structural model
(S3). The element model (S) is very simple to accomplish. However, it is hard to
consider the realistic boundary condition effects. The sub-structural model (S») can,
nevertheless, simulate the boundary conditions of the specific element. The element
model and sub-structural model can both be used to obtain the fire resistance of the
structural component, while the complete structural model (S3) can be used to obtain
the fire resistance of the whole structure.

There are nine combinations for the fire resistance calculation of the structure,
as shown in Table 1.2[%). For general buildings, the structural model S; or S, can
be used and for important buildings the structural model S3 should be used. For the
compartment fire, the fire model H; or H, can be used and for important buildings
and large space buildings, the fire model H, or H3 should be used.
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Table 1.2 Combination of the fire model and structural model for structural fire safety test and
analysis

Structural model

Fire exposure model Si S2 53
Structural component |Sub-structure Complete structure
R I e R
T li’ NOAE
E—Xa
777, 77T, TT. 777, 7,

Stamdard lire
o Calculation or test Calculation or exceptional test
T | Pavanwetric fire
H;
Ty FRealfirz
Calculation or exceptional test
Hj
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Fire in Buildings

2.1 Basic Concepts
2.1.1 Fire Load

Fire load is the calorific value of combustible materials per unit area in a building.
The combustible material in a building may include

wood, paper and combustible plastic for decoration;

coal gas, natural gas and liquid petroleum gas for cooking;
furniture, books, paper, bedding, curtain and carpet;

e wood, oil and alcohol stored in the room.

The net calorific value for a range of commonly used combustible materials is listed
in Table 2.1,

The fire load in a building can be obtained (1) by full calculation or (2) by em-
pirical rating.

2.1.1.1 By Full Calculation

The fire load in a compartment is quantified as
1
=—) MyH 2.1
q ; Y myHy (2.1)

Usually, the material in a compartment does not combust completely. A factor u
is introduced to Eq.(2.1) as

1
= — My H, 2.2
q Af‘uz vHy (2.2)

where u is a factor between 0 and 1.0, depending on the fire type.
In engineering practice, the fire load is usually expressed as the mass of equiva-
lent wood given by

q= A—fHOuZMvHv 2.3)

where Hy is the standard calorific value of wood and takes the value of 18.4 MJ/kg.
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Table 2.1 Calorific value of combustible material (in MJ/kg)

Material Hy ‘ ‘ Material Hy
Solids  Anthracite 34 Liquids Gasoline 44
Asphalt 41 Diesel oil 41
Bitumen 42 Spirits 29
Cellulose 17 Acetylene 48
Charcoal 35 Hydrogen 120
Clothes 19 Methane 50
Coal 31 Ethanol 27
Cork 29 Petroleum 41
Cotton 18
Grain 17
Leather 19
Foam rubber 37
Epoxy 34
Wool 23
Wood 19
Rubber tire 32

2.1.1.2 Empirical Rating

Many authorities have provided empirical data for the calorific value in a given type
of occupancy. CIB?! gives design values of 140 to 150, 102 to 124, 61 to 96, 116 and
67 MJ/m? for a dwelling, office, school, hospital and hotel respectively. The EC15!
gives five classes (I to V) with fire load ranging from 250 to 2000 MJ/m?.

2.1.2 Heat Released Rate

For any fire, the heat release rate can be obtained if the amount of heat released in a
certain time is known. The average heat release rate Q is give by

E
0== 24)

BS7346* provides design values for the heat release rate according to the type
of occupancy, so that for retail areas with standard response sprinklers the heat re-
lease rate per unit area is 625 MW/m? and for retail areas with no sprinklers the heat
release rate per unit area is 1200 MW/m?.
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2.2 Compartment Fire

Depending on whether there is a flashover, the fire in a building is divided into a
compartment fire and a large space building fire. Usually there is a flashover in a
compartment fire. A compartment refers to an enclosure where the volume is less
than 100 m? and the ratio between length and width of the compartment is moder-
ate. On the other hand, some enclosures are very high (higher than 4 m), or have a
large floor area (greater than 500 m?), such as an industrial workshop, theater, sta-
tion, airport, exhibition center, shopping center. Fires in these kinds of buildings are
called large space building fires. The large building fire will not usually experience
flashover.

2.2.1 Development of Compartment Fire

The development of a compartment fire may roughly be divided into three stages as
(1) fire growth, (2) steady burning and (3) decay, as shown in Fig. 2.1. The transition

from fire growth to steady burning is called flashover -,

Temperature
(T

0.8[(Tg)mzx7TD]

Steady burning
Growth Decay

Flash over

/

0 f, 1, t

Fig. 2.1 Development of a compartment fire

2.2.1.1 Fire Growth

The fire is localized during the growth stage when the temperature distribution in
the compartment is highly non-uniform. The main danger at this stage is the risk to
life safety due to the production of large quantities of smoke and toxic gases by the
fire. If the fire is promptly discovered and effective fire fighting is activated, it can be
easily controlled and fire damage will be minimal. If the burning item is sufficiently
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far away from other combustible material, the fire may die out due to the difficulty
of igniting other combustible materials. Also, if there is an insufficient supply of
oxygen the fire may appear to die down, but it may grow again if fresh air is supplied
to the enclosure. In more dramatic situations, a sudden fresh air supply to an under-
ventilated fire may lead to the so-called “back draught”, posing serious hazards for
fire fighting. In structural fire engineering, it is assumed that fire spread will occur
and that there is a sufficient supply of fresh air to aid fire growth.

With fire growth, hot gas is released and the fire plume will rise towards the
ceiling due to buoyancy. In the meantime, fresh air is entrained and more hot smoke is
released. On hitting the ceiling, the smoke will spread outwards until it hits the walls.
Afterwards, a smoke layer will quickly form underneath the ceiling. The bottom
of the smoke layer will descend as it becomes thicker. On reaching the top of any
opening, e.g. an open doorway or window, smoke will flow out of the enclosure. To
allow fresh air to enter, the smoke layer will stabilize at a height within the opening.
At this stage, the enclosure fire environment may be approximately divided into two
zones as (a) an upper zone of hot smoke and (b) a lower zone of cold air. The division
between the upper and lower zones is the neutral plane, above which smoke flows
out of the enclosure and below which fresh air is supplied to the enclosure.

As the volume of smoke stabilizes while more hot combustion gases are con-
tinuously supplied to the smoke layer, the smoke temperature increases. Owing to a
lack of oxygen in the smoke layer, a large quantity of partially burnt fuel will also
accumulate in the smoke layer. Meanwhile, the burning flame will become larger and
penetrate the smoke layer. The flame spreads more quickly when it is aided by the
partially burnt fuels in the smoke layer. The radiation from the burning flames and
the high temperature smoke layer will accelerate the burning rate of the existing fire.

2.2.1.2 Flashover

The rapidly accelerating positive burning loop will lead to the flashover, when the
radiation of the unburned combustible materials in the enclosure becomes so high
that they become ignited at almost the same time. The onset of such an event is
often referred to as “flashover”, as shown in Fig. 2.1. The fire growth stage before
the onset of flashover is referred to as pre-flashover fire and that afterwards as post-
flashover fire. After flashover, the fire temperature increases rapidly. It is not possible
for flashover to occur in an open space.

2.2.1.3 Steady Stage

At the steady stage of the fire, the rate of burning may depend on the amount of
fresh air that can be supplied, which is ventilation controlled fire. There are some
occasions when the area covered by combustible materials in the fire enclosure is
small. In these cases, the rate of burning depends on the surface area of burning fuels
which is referred to as fuel controlled fire.
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2.2.1.4 Decay

After a period of steady burning, most combustible material will be consumed and
the burning rate starts to decrease. The fire will eventually die out when all com-
bustible materials in the fire enclosure have been consumed.

2.2.2 Heat Release Model of Fire before Flashover

A simple way to describe the fire growth is to assume that the energy release rate
increases as the square of time. By multiplying time squared by a factor o, various
growth velocities can be simulated and the energy release rate as a function of time
could be expressed as!”!

0= oat’ (2.5)

where « is the fire growth factor in MW/s2, which are 0.002931, 0.01127, 0.04689
and 0.1878 for the slow, medium, fast and ultra fast fire type respectively.

In many instances there is very scarce information available on the building con-
tents. There is currently considerable ongoing activity internationally to give rec-
ommendations on such growth factors for various building types. As an example,
Bukowski et al.[8! give the growth rates according to occupancy types. For example,
for a dwelling the fire growth rate is medium and for a hotel or nursing home the fire
growth rate is fast.

The heat release rate will remain constant after it reaches a certain value Q,, till
the burn up all combustible material in the fire room, as shown in Fig. 2.2, Assume
the total calorific value of the combustible material is E, the fire duration time ¢, is
calculated through (101

s ek
m=9 %E_E (2.6)
t + , EZ>E;
Op
where
E=00,/3 =12 @7

t1 is is the time when the heat release rate reaches maximum value Q.

2.2.3 Conditions Necessary for Flashover

There are certain pre-conditions necessary for flashover to occur, such as there must
be sufficient fuel and ventilation for a growing fire to develop to a significant size,
the ceiling must be able to trap hot gases and the geometry of the room must allow
the radiant heat flux from the hot layer to reach critical ignition levels for the fuel
items.

Drysdale!®! gives a detailed discussion of these factors, with summaries of a
number of compartment tests. In a typical room flashover occurs when the hot layer
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Z, L t,

Fig. 2.2 Heat release rate at different burning time

temperature is about 600 °C resulting in a radiant heat flux of about 20 kW/m? at
floor level.

From an analysis of a large number of experimental fires, it has been observed
that flashover will only occur if the heat output from the fire reaches a certain critical
value, related to the size of the ventilation openings. For a room with one window,
the critical value of heat release is given by “Thomas’s flashover criterion”[!!! as

Q =387A,\/H,+7.84; (2.8)
where A, is the area of window opening and calculated through

A, = H,B, (2.9

2.2.4 Heat Release Rate of the Fire after Flashover

After flashover, the combustion will consume a large amount of oxygen. Hence, the
ventilation will affect the heat release rate. The fire can be divided into a ventilation
controlled fire and fuel controlled fire. Usually, the large space building fire is a fuel
controlled fire.

For the compartment fire, if

AV vV
Ay

4

>0.07 (2.10)

the fire is a fuel controlled fire; otherwise it is a ventilation controlled fire 121,

2.2.4.1 Heat Release Rate of Ventilation Controlled Fire

The heat release rate of a ventilation controlled fire depends on the dimension of
the opening. Usually, it is supposed that all glass windows and glass doors will be
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broken in a fire. The hot air goes out of the fire compartment and the cold air goes
into the fire compartment.
The fire test shows that the wood burning rate in a compartment with one open-

ing[13’14] 1s
m:O.ISAvW(l—e_O'O%Q) 2.11)
and A A,
= AV (2.12)
After obtaining i1, the heat release rate of a ventilation controlled fire is
OQvent = mMAH, (2.13)

2.2.4.2 Heat Release Rate of Fuel Controlled Fire

If the compartment is well ventilated, the compartment fire is a fuel controlled fire.
The heat release rate depends on the fire area.

For a residential compartment, the fire duration is usually 1200 sH51 hence the
heat release rate can be calculated by

quel = E/1200 (2.14)

However, in other kinds of compartments, the fire duration is not available. Drys-
dale®! brings forward the following equation to predicate the heat release rate

O fuel = GiAfAH, L, (2.15)

where ¢; takes the value of 0.07 MW/m?. L, takes a value of between 1.7 MJ/kg and
5.9 MJ/kg for wood and a value of between 1.2 MJ/kg and 3.7 MJ/kg for plastic.

2.2.5 Modeling of Compartment Fire

There are mainly two models for performing the simulation of an enclosure fire,
which are the zone model and field model.

2.2.5.1 Zone Model

In the two zones model, a fire enclosure is divided into (a) an upper zone of hot smoke
and (b) a lower zone of cold air'®!7]. In the multi-zone model, the fire enclosure is
divided into more than two zones. Each zone is assumed to have uniform properties,
e.g. temperature and smoke concentration. Zone models are suited to most engineer-
ing applications where the geometry of the enclosure is not complicated and there is
already a good qualitative understanding of the fire behavior. For post-flashover fire
modeling which is of particular interest to structural fire engineering, the entire fire
enclosure may be considered as one zone with the same temperature.
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The controlling equation is formulated on the energy balance and mass balance
in the fire enclosure, as shown in Fig. 2.3.
(a) Mass balance for the lower layer

mp+mjy, +m, =0 (2.16)
(b) Conservation of energy for the hot layer yields

Qu = Qin - Qloss +mpcpTy 2.17)

O
| — Hot Layer

L — Cold Layer

Fig. 2.3 Heat balance in a zone model

2.2.5.2 Field Model

Due to the complexity of the fire, zone models are suitable in only a few limited
cases. For more precise fire modeling, Computational Fluid Dynamics (CFD) mod-
eling can be used. In CFD modeling, the fire enclosure is divided into a large num-
ber of volumes. Partial differential equations of mass, momentum and energy trans-
fer and conservation of species are written for each volume based on fundamental
equations of fluid dynamics, thermodynamics, chemical reactions and mechanics.
They are then numerically assembled for the entire fire enclosure. Appropriate initial
boundary conditions are then applied to find numerical solutions to these equations.
Clearly, CFD modeling is versatile and has the potential to give the most accurate
and detailed results for a wide range of problems. Inevitably, CFD modeling requires
specialist knowledge of fire modeling and has so far been mainly used for predicting
the production and movement of smoke and toxic gases in pre-flashover fires at a
given rate of heat release of the fire. Recently, CFD modeling has been extended to

simulate flame spread and ignition!'8].

2.2.6 Empirical Modeling of Compartment Fire

The estimation of temperature in a compartment fire is an essential part of structural
design for fire safety. The temperature in a fire enclosure at any time depends on the
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balance between the heat released by the burning and the heat loss through opening
by radiation and convection, and by conduction in the walls, floor and ceiling.

2.2.6.1 Dr. Zhong-Cheng Ma’s model

Based on statistic analysis of the fire test results, Dr. Ma!!'! proposed an equation to
calculate temperature in post-flashover fires

Tg_iTg(O)f i 1t /tm ’
G O 19

Im

where b is a parameter. If ¢ < t,,, then b=0.8, otherwise b=1.6.

The maximum temperature 7y, and the time #,, at which the temperature reaches
its maximum value depends on the fire type.

(a) For a ventilation controlled fire

Tom = 1240—13.37/n (2.19)
and 0.11025G
ty = —— 2 (2.20)
AvW/H,
where 7 is the opening factor and obtained through
Avv/H,
n= % (2.21)
t

(b) For the fuel controlled fire

T,
Zgm_ (Neryiye (2.22)
I;;mcr n
and G
t = 1.5876 22 (2.23)
Af
where A
Ner = 0.0697-L (2.24)
A;
Tomer = 1240 — 13.37 /1., (2.25)

The main parameters that affect the post-flashover fire enclosure temperature are
all included in Dr. Ma’s model. It can be accomplished by hand and is suitable for
engineering practice. The comparison between test and simulation results is shown
in Fig. 2.4. It can be seen that they agree very well with each other.
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7,(C)

t (min)

Fig. 2.4 Comparison of test and simulation results

2.2.6.2 ASCE Model

Based on the statistic analysis of fire test results and theoretical fire dynamic analysis,
the ASCE!?"! gives an equation for ventilation controlled fire as
(a) The heating phase (r < 7):

T, = 250(10m)% /1" e=n" [3(1 — e~0.011)

_(1 _ ef0.0St) _|_4(1 _ e—O.Zt)] —|—C(6:%0)0'5 (2.26)

(b) The cooling phase (r > 7):
T, =T —600(% 1) (2.27)

If the density of the lining material p=1600 kg/m?, C=0.0; and if p < 1600 kg/m>,
C=1.0. 7 is determined by
Go

AvWH,
T is calculated through Eq.(2.26) and 1 is calculated through Eq.(2.21).

ASCE fire model?°! mainly deals with a ventilation controlled fire. Compared
with Dr. Ma’s model '), the ASCE model considers effects of properties of the lining
material and the time for the fire to reach its maximum temperature is longer when
based on the ASCE model than on Dr. Ma’s model.

7=0.18182

(2.28)

2.2.6.3 Swedish Curves

The most widely referenced time-temperature curves for real fire exposure are those
of Magnusson and Thelandersson!?!!. These are often referred to as the “Swedish”
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fire curves. They are derived from heat balance calculations, using Kawagoe’s equa-
tion[??! for the burning rate of ventilation controlled fires. Each group of curves is
for a different ventilation factor, with fuel load as marked. Note that the unit of the
fuel load is MJ per square meter of total surface area (not MJ per square meter of
floor area, which is more often used in design calculations).

2.2.6.4 Eurocode Parametric Fires

The EC1P! gives an equation for a parametric fire, allowing a time-temperature re-
lationship to be produced for any amount of fuel load, ventilation openings, wall
lining materials, etc. The Eurocode parametric curves have been derived to give a
good approximation to the burning period of the Swedish curves.

The Eurocode equation to determine fire temperature T, for burning period (¢* <

1) is
T, = 1325 |1 —0.324e 12" —0.204e 102" — 0.472¢ 11407 (2.29)

and for the decay period (t* > t;

Tom —10.417(t* —1;), t;; < 30 min
Ty = Ton —4.167(3—1;;/60)(* —1;7), 30 min < 7; < 120 min (2.30)
Tom —4.167(t" —1;), tyy > 120 min

where ¢* is a fictional time given by
t* =T xt (2.31)

t is the fire duration time and obtained through

_ n/\Ape
F*(o.o4/116o) (2.32)

\/Apc is the thermal inertia in J/(m?-s!/2.K). 1, is the duration of the burning phase
given by

A
fr=178x 10*3(A—fq)r/n (2.33)
t
The most suitable condition for Eq.(2.29) is 0.02<1<0.2 and 1000< /2 pc<2000.

2.2.6.5 Comparison of Fire Enclosure Temperature-time Curves

Fig. 2.5 compares the temperature-time curves based on the above models. Dr. Ma’s
model gives a more rapid growth rate and decay rate of the fire than other models.
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Fig. 2.5 Comparison of fire enclosure temperature-time curves with 1=0.06 m!/2,

V/Ape=1500 J/(m?*-s'/2 K), A =16 m?, A,=64 m?, g=50 kg/m> and p=2000 kg/m’

2.3 Large Space Building Fire

2.3.1 Characteristics of Large Space Building

According to the building function, there are three kinds of large space buildings:

e with a very large floor area but low height, such as supermarket, industrial work-
shop. The floor area can be from several to tens of thousands of square meters
and the ceiling height is usually lower than 6 m;

e with both a large floor area and height, such as an auditorium, exhibition hall,
theater, gymnasium and warehouse. The floor area is usually from several to tens
of hundreds of square meters and the ceiling height is usually from ten to twenty
meters;

e with a small floor area but very great height, such as am atrium. The floor area is
usually only several hundred square meters but the height can be tens of meters.

On account of restrictions of the building function, the large space building cannot
be divided into several fire compartments. The total quantity of combustible material
is large in these buildings and the rise of the fire plume and air entrainment into the
fire plume is without any restriction.

2.3.2 Characteristics of Large Space Building Fire

The characteristics of a large space building fire are very different from the compart-
ment fire in the following aspects

o the fire is hard to detect by an automatic fire detection system. The automatic fire
detection system includes the smoke detection system and temperature detection
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system, which are usually installed on the ceiling. However, for the large space
building fire, the density and temperature of smoke are diluted and reduced a lot
before reaching the ceiling, which cannot activate the detector;

e the sprinkler system is unable to work. For the large space building with a ceiling
higher than 20 m, the smoke temperature cannot active the sprinkler and, on the
other hand, the water sprayed by a sprinkler installed on the ceiling cannot reach
the fire from such a long distance;

e it is difficult to evacuate. The public large space building contains a large num-
ber of people and these people are not well organized, such as in a theater or
gymnasium. When a fire happens, it is very difficult to evacuate;

e the damage to the structure can cause great damage. In a large space building,
collapse and damage to the structure can cause great loss of life and property.

2.3.3 Simulation of Large Space Building Fire using Zone Model
2.3.3.1 Theoretical Formulations

The fire in a large space building is localized and there is usually no flashover in
a large space building fire. Hence, the fire can be simulated by the zone model, as
shown in Fig. 2.6.

T(C)
65.0
60.5
56.0
51.5
47.0
42.5
38.0

Cold air 33.5

29.0
24.5
20.0

Neutral plan

Fire plume

Fig. 2.6 Simulation of large space building fire using zone model

In the zone model, the space in the building is divided into two uniform layers >3,

For the upper layer, the energy conservation equation is governed by

d(ZAp.T,Cp)

a = Q. +mC,Ty (2.34)

and we assume the hot smoke layer is ideal gas, which gives

PuTy = poTo (2.35)
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Notice that 4z iz
t=_= 2.36
dr dr ( )

so Eq.(2.34) can be reformulated as

dz

- (APOCp TO) E

where po is the density of the air at ambient temperature and takes the value of 1.2

kg/m?, C, is the specific heat of the smoke and takes the value of 1.004 kJ/(kg-°C),
Q. is the convection heat and Q. = 0.70Q.

According to the fire test of Zukoski!>}! on an axis-symmetric plume fire, when

the fire heat release rate is constant Q=Qy, the height Z of the bottom of the smoke

layer the above floor is determined by

= Q. +mC,Ty 2.37)

890 1/3 2/3 /2
Z=\012(————=) /"t+H" 2.38
012580y 2| 2.39)
When the fire heat release rate is increased by ¢ square, Eq.(2.37) can be reformulated

as
-3/2

{o 075( V3583 4 H- 2/3] (2.39)

PoC ToA3

Based on the test result!!!! the mass release rate for persistent flame, intermittent
flame and buoyant plume is calculated by

0.566 7
0.0110, (QM) .0 Gy <008
0.909 7
m=1{ 0.0260. (QOA) ;008 < <02 (2.40)
VA

7 1.895
0.1240Q. <QO4) , 0.2<@

If the heat transfer between the hot smoke and the wall is not considered, the
temperature of the fire plume can be obtained by the first law of thermodynamics as

Q.
m.C,

T, =Ty + (2.41)

The temperature of the upper smoke layer will heat the load bearing structural
component of the building. It is the most important parameter for the structural fire
safety engineer. The smoke temperature can be obtained by

(Tyo+273)Myo + (T, +273)mAt

T, =-273
3 + M,

(2.42)
and
Mg = My + mAt (2.43)

Using Eq.(2.40) and Eq.(2.41), the temperature-time relationship of a large space
building fire can by calculated by Eq.(2.42) through incremental approach.
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2.3.3.2 Simulation Results

Fig. 2.7 and Fig. 2.8 illustrate the smoke temperature and smoke layer height of large
space building fires simulated using the zone model and field model, respectively.
The floor area of the building is 1000 m?, the ceiling height is 6 m, the heat release
rate of the fire is 25 MW and the fire growth factor c¢=0.04689 kW/s?.

1200 —
—a— Field model
1000 - —&— Modified zone model
—4&— Zone model
800
o
& 600
400
200
0 i T i T T T T T T T 1
0 500 1000 1500 2000 2500 3000

Time (s)

Fig. 2.7 Temperature of upper smoke layer

From Fig. 2.7, it can be seen that the smoke temperature based on the zone model
agrees well with that of the field model at the growth phase. However, when the
clearance height below the smoke layer is lower than 0.2H, the smoke temperature
calculated by the zone model is much higher than the field model. That means when
80% of the building space is filled by hot smoke, the equation for the zone model is
not applicable, and the temperature based on the zone model is not precise. Hence,
for a large space building fire, the zone model should be modified for calculating the
smoke temperature 4],

2.3.3.3 Modification of the Zone Model

Temperatures based on the zone model and field model for buildings with different
dimensions and heat release rates are compared. Parameters of the fire condition for
comparison are

o fire growth factor a is 0.04689 kW/s?;
e simulation time is 45 min and
e heat release rates Q are 2000 kW, 5000 kW and 25000 kW, respectively.



26 2 Fire in Buildings

Clearance height (m)

T T T T T T T T T T
0 500 1000 1500 2000 2500
Time (s)

Fig. 2.8 Clearance height below the smoke layer

The temperature of the fire plume is calculated (>3] by

Q.

mcy

T,=Toa+Tp=Tu+ (2.44)

where Tp is the temperature difference between the fire plume and the surrounding
temperature.

In order to account for the heat loss of the fire plume before entering the smoke
layer, the fire plume temperature should be modified by

kinAt
Tow = Tow)/ (ko +—5~) (2.45)

where ko and k; are fire power dependent parameters and calculated by [>!

(1) For the fire with power Q of 2 MW 23!

ko = (2.0809 4-0.02974H"> —0.2477InA)~!
ki = —0.0079+0.2331H ! +28.1854"! —0.7508H > (2.46)
—9618.2A724+9.0767(HA)™!

(2) For the fire with power Q of 5 MW 23!

InH
ko = exp(—4.1396 — 15.215H 0> + 32205——+ 0.0248A0)

(2.47)
ki = —0.0071+0.015InH + 19.947A~! —0.00336(InH )?

(3) For the fire with power Q of 25 MW 23]
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H
ko = exp(0.9719 + 27.287ﬁ —78.753H03

A
+55.421InH 4 0.0018 —-)

InA
InH
ki = exp(—3.716+362.37H15 — 354.9%

—223.1H240.0086A%3InA — 0.1A%7)

(2.48)

and the applicable range of the above equations for ky and k| are

o the floor area A is from 500 to 6000 m? and
e building height A is from 4 to 20 m.

The growth factor of the fire o only affects the fire growth rate and has little
influence on the fire temperature. So equations for the fire with o=0.04689 kW/s?
can be used for other fires.

The smoke temperature calculated by the modified zone model is shown in Fig.
2.7. It can be seen that it agrees very well with the temperature obtained by the field
model.

2.3.4 Characteristics of Large Space Building Fire

2.3.4.1 Simplification of Temperature Field of Large Space Building Fire

To investigate characteristics of a large space building fire, the field model may be
employed. Obviously, the temperature distribution may be assumed to be asymmetric
around the fire origin in a large space building fire. So the temperature field 7{, , . ;)
can be simplified by 7{, ., (Fig. 2.9), where r is the distance between the point
studied and the fire origin.

T(x,z,t)

T B
/\Q\/

Fig. 2.9 Simplified field model
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2.3.4.2 Smoke Temperature of Large Space Building Fire
The smoke temperature is expressed by

T=a(l—be ™)anda<0,b>0,1>0 (2.49)
The first derivative of Eq.(2.49) is

dr

5= able M (2.50)

The smoke temperature T (¢) will be constant when ¢ — oo is

lim7 =a 2.51)

f—o0

2.3.4.3 Parameters that affect the Large Space Building Fire

Parameters that may affect the large space building fire are (a) maximum heat release
rate, (b) floor area, (c) building height and (d) distance to the fire origin.

Fig. 2.10 to Fig. 2.13 show effects of heat release rate, floor area, building height
and distance to the fire origin on the smoke temperature of a large space building
fire 2], It can be seen that

(a) with the increase in the power of fire, the maximum smoke temperature in a
steady state is higher;

(b) with the increase in the floor area, the maximum smoke temperature in a steady
state is lower;

(c) with the increase in the building height, the maximum smoke temperature in a
steady state is lower and

(d) with the increase in the horizontal distance to the fire origin, the maximum
smoke temperature in a steady state is lower.

2.3.4.4 Practical Calculation Method for Smoke Temperature of Large Space Building
fire

Through curve fitting of 120 simulation results, for a large space building fire with
different fire power, floor area, building height, and horizontal distance to fire ori-
gin, a formula to calculate the smoke temperature of a large space building fire is
proposed [*71:

x=b
Ters) — Too) = T:(1 - 0.8¢ P —0.2e 7 %1P") [ 4 (1 +-m)e” & (2.52)
where T, is the smoke temperature at height z above the fire origin (see Appendix
A), B is a parameter for accounting the effect of the fire power and fire growth type
(see Appendix A), 1 is the reduction factor of the smoke temperature at a distance
x horizontally (see Appendix A), b is the distance from the fire origin to the fire
boundary and if x < b, then 1 =1 and u is a parameter (see Appendix A).
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Fig. 2.10 Smoke temperature for a large space building fire with fires of different intensities
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Fig. 2.11 Smoke temperature for a large space building fire with different floor areas
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Fig. 2.12 Smoke temperature for a large space building fire with different building heights

2004

180

160

T (C)

1404

120

77T 7T T T T T T T

x (m)

Fig. 2.13 Smoke temperature for a large space building fire with different horizontal distances
to the fire origin
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The fire power can be calculated by
Q0=gqA (2.53)

where ¢ is the fire power per square meter determined by Table 2.2.

Table 2.2 Fire power per square meter

Occupancy qs (kW/m?)
Exhibition hall 100
Office building 250
Shopping center 500

The fire power Q can also be determined through Table 2.3 or Table 2.441.

Table 2.3 Fire power in different buildings (MW)

Occupancy type Fire power Q
Shopping center with sprinkler 5

Office building and hotel bedroom with 1.5

sprinkler

Public building with sprinkler 2.5

Car park with sprinkler 1.5
Supermarket and Warehouse with 4

sprinkler

Atrium with sprinkler

Office building and hotel bedroom 6
without sprinkler

Car park without sprinkler 3
Atrium without sprinkler 4
Supermarket and Warehouse without 20
sprinkler

2.4 Standard Fire and Equivalent Exposure Time

2.4.1 Standard Fire

In order to make the test results compatible, the structural component should be
tested under the same fire conditions. Many countries published standard time-
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Table 2.4 Fire power with different fire power grade (MW)

Fire power grade Fire power Q
Small <35
Medium 3515
Large > 15

temperature curves for fire testing and structural fire resistance rating. The ISO834
standard time-temperature curve ! is used in China, which is determined using the
following equation as

(a) In the heating phase (¢t < #;)

T, — T,(0) = 3451g(8 + 1) (2.54)

(b) In the cooling phase (r > 1)

o7 ~10.417, th < 30 min
o= ~4167(3—1,/60), 30 min < g < 120 min (2.55)
! —4.167, t, > 120 min

where #;, is the duration of the heating phase given by

A .
th=7.8 x 10’3(qA—f)/n (2.56)
1
In the United States and Canada the ASTM-E119 standard time-temperature
curve % is used. The fire temperature is calculated by

T, — Ty (0) = 1166 — 532¢ %01 4 186e 0% — 820e - (2.57)

Harmathy [*! found that the ASTM-E119[%% standard fire results in greater damage
than the ISO834 standard fire 23],

2.4.2 Equivalent Exposure Time

Despite having many limitations using the standard fire exposure, it also has some
advantages over using realistic fire exposure

e The standard fire exposure concept has a long history and is familiar to those
concerned with fire safety. The fact that building structures rarely fail in fires as
a result of adequate specification of the standard fire resistance indicates that it
is safe to use the standard fire curve.

e A large body of knowledge has been obtained from many years of standard fire
resistance tests but little data exists for realistic fires.
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e The standard fire curve has only one temperature-time relationship. In design
calculations, it is much easier to deal with only one standard fire curve than with
an infinite number of real fire curves.

Recently, attempts have been made to link realistic fires to the standard fire
through the use of equivalent time. The equivalent time for a realistic fire is the
time of exposing a construction element to the standard fire that would give the same
effect as the realistic fire. It is important to select the appropriate “effect” to be com-
pared.

Using the temperature rise in a construction element as an example, the equiva-
lent time concept is illustrated in Fig. 2.14.

T (C) Natural fire curve

Standard fire curve

Structure temperatrue
\\ rise to standard fire
Structure temperature
rise to natural fire

e, max

Equivalent time Time

Fig. 2.14 Equivalent time concept

Harmathy [*°! and Eurocode 13! also contain an equation for the equivalent time.
Law’s equation!'* was developed based on temperatures attained in insulated steel
work. It is given by

ooy = K/ —2f (2.58)

eqv /7AVAT .
where Ly is the total fire load in kg wood and K’ is a constant whose value is close
to unity. The equivalent time 7, is given in minutes.

In Eurocode 11!, the equivalent time is given by
teqv = q f.akpwrke (2.59)

where gy 4 is the design fire load density per floor area, wy is the ventilation factor.
In small compartments without horizontal opening, wy is given by

Af 1
=375 (2.60)

O is the ventilation factor defined as
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AW
A

(2.61)

k. is a modification factor intended to account for different types of construction.
For the protected steelwork k.=1.0 and for unprotected steelwork k.=13.70. k;, is a
conversion factor to account for the influence of fire enclosure linings and determined
through Table 2.5031,

Table 2.5 Values of k;, for calculating the equivalent time

b= /kpC (J/(m?-s'/2. K)) k, (min - m2/MJ)
b >2500 0.04

720< b <250 0.055

b <720 0.07

Due to simplicity, the concept of equivalent time is an attractive proposal, being
easy to use and able to reflect the main effects of realistic fires. However, due to
fundamental shortcomings in the approach, its limits of application should be clearly
understood and the equivalent time equations should be used with extreme caution.
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3

Properties of Steel at Elevated Temperatures

For structural fire engineering, two sets of data are very important which are

e the material thermal properties for thermal analysis of structural components,
including the thermal conductivity, specific heat, density;

e the material mechanical properties for structural analysis, including the yield
strength, Young’s modulus, stress-strain relationship and the expansion coeffi-
cient.

This chapter describes the thermal and mechanical properties of structural steel, fire-
resistant steel, high-strength steel and stainless steel at high temperature.

3.1 Thermal Properties of Structural Steel at Elevated
Temperatures

3.1.1 Conductivity

The conductivity in W/(m-°C) or W(m-K) is the property of a material representing
its ability to conduct heat. EC3!!l and EC4!?! give the following equation for A,
(a) For 20 °C< T < 800 °C

A =54—3.33 x 10727, 3.1
(b) For 800 °C< T < 1200 °C
As =273 (3.2)
BS5950 Part 83! gives the following temperature independent equation for A, as
A =315 (3.3)

The temperature dependent thermal conductivity described by BS59508! is
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A =52.57— 1.541 x 10727, — 2.155 x 10°T? (3.4)
The Japan Building Synthetic Fire Prevention Design[*! gives the following equation
Ay =52.08 —5.05 x 10772 (3.5)

The China Technical Code for Fire Safety of Steel Structures in Buildings!®! also
gives a temperature independent thermal conductivity of steel is

Ay =45.0 (3.6)

The comparison of above equations by Li et al.!l is shown in Fig. 3.1. In the
temperature range of 0 °C through 600 °C, the average value of A, is very close
to 45 W/(m-°C), and in the temperature range of 200 °C to 800 °C, the average
value of Ay is very close to 37.5 W/(m-°C). Usually, the critical temperature of the
structural component is in the temperature range of 300 °C to 600 °C, hence the
thermal conductivity taking a value of 45 W/(m-°C) is reasonable.

1.0 * % M 1: ECCS
% 2: Japan
3: AS4100
0.8 - ) 4: EC3
EvE L : 5: CECS200
T 2
0.0 =
04+ ® 16Mn
& SM14
0.2 P
o 8355

[]1, i L L L A i 1 |

00 200 300 400 3500 600 700 S00 900

Temperature (°C)

Fig. 3.1 Conductivity of steel proposed by different design codes

3.1.2 Specific Heat

Specific heat Cy in J/(kg-°C) or J/(kg-K) is the heat required or released to increase
or decrease by 1 °C by a unit quantity of material.

EC3 1 and EC4?! suggested that the specific heat of steel is taken as

(a) For 20 °C< T < 600 °C

Cy=425+7.73x 107 T, — 1.69 x 10 3T? +2.22 x 107°7? (3.7)
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(b) For 600 °C< T < 735 °C

13302
Co=666— 7 3.8)
(c) For 735 °C< T < 900 °C
17820
= 4 .
Co=545+ - 3.9)
(d) For 900 °C< T < 1200 °C
C, =650 (3.10)

For simplifying the calculation, the specific heat of steel can take a constant value as
C; =600 (3.11)
BS595083! gives the following value for the specific heat as
C, =520 (3.12)

The Annex of ECCS!”! gives the following temperature dependent equation for the
specific heat as
Cy =470+20 x 10727, + 38 x 107572 (3.13)

The Japan Building Synthetic Fire Prevention Design[*! gives the following equation
for the specific heat as
Cy =483+8.02x 107412 (3.14)

The China Technical code for fire safety of steel structures in buildings! gives the
temperature independent thermal conductivity as

C; =600 (3.15)
Specific heats calculated by above equations!! are shown in Fig. 3.2. It can be
seen that the specific heat of steel changes greatly with the elevation in temperature.
In the temperature range of 0 °C to 600 °C, the average value of specific heat is
about 600 J/(kg-°C). Taking the specific heat as a temperature independent value
does not agree with the facts. However, it can greatly simplify the calculation and
can be easily used by the engineer.

3.1.3 Density

The density of steel may be taken as its ambient value of 7850 kg/m? over the nor-
mally experienced temperature range in a building fire.
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Fig. 3.2 Conductivity of steel proposed by different design codes

3.2 Mechanical Properties of Structural Steel at High
Temperature

In order to determine the structural response subjected to fire, it is necessary to for-
mulate constitutive laws for steel at elevated temperatures. A complete formulation
is required only where a full analysis is undertaken.

3.2.1 Test Regimes

The mechanical property test is usually carried out by using a steady-state test-
ing regime and the structural component fire test is usually carried out by using a
transient-state testing regime.

3.2.1.1 Steady State Test

In the steady state test, the specimen is heated to a pre-determined temperature be-
fore the test and kept constant during the test. The stress-strain relationship of steel
at a specific temperature can be obtained directly. Usually, in a building fire the tem-
perature keeps changing. The steady state test is not representative of the actual fire
scenario.

3.2.1.2 Transient State Test

In the transient state test, the specimen is loaded to a pre-determined stress level
before test, then it is heated to failure at a specific heating rate. Usually, the heating
rate is in a range of 5-50 °C/min!3]. The thermal expansion should be obtained first
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and subtracted from the total strain to determine the strain caused by stress. The
transient state test represents the real situation of a structure in a fire. However, the
test result includes the creep strain and relaxation of steel.

Kirby and Preston”! compared steady state test results and transient state test
results and found that strength of steel obtained by the steady state test was higher
than the transient state test.

3.2.2 Definition of Yield Strength at High Temperature

Owing to large strains exhibited at elevated temperatures in fire affected members,
it is more usual to quote the 1.0% or 2.0% proof stress rather than the conventional
ambient value of 0.2% proof stress. Some proposals are as follows:

e ECCS!) suggests that when the temperature is higher than 400 °C, the 0.5%
proof stress is used to determine the yield strength; when the temperature is
lower than 400 °C, the proof stress is interpolated linearly between 0.2% (20
°C) and 0.5% (400 °C). The fire test of a steel beam and steel column showed
that the 0.5% proof stress is too conservative.

e BS5950 Part 8131 provides three proof stress levels for different structural com-
ponents as (a) 2% proof stress for the flexural steel composite members with
fire protection, (b) 1.5% proof stress for the flexural steel members and (c) 0.5%
proof stress for the others.

e EC3[! and EC4™! use the 2% proof stress to determine the yield strength.

e Kirby and Preston! suggest that the 1% proof stress should be used to deter-
mine the yield strength. The definition of yield stress is shown in Fig. 3.3.

Stress
Ultimate strength
20 ° .
Yield strength 400 C
0 B
1% proof stress ——f———F =~ — == = -— o= C

A
l‘% Strain

Fig. 3.3 Definition of yield stress
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3.2.3 Mechanical Properties of Structural Steel at High
Temperatures

3.2.3.1 ECCS Model

The European Committee of Constructional Steel (ECCS)!! provides the following

equations for calculating the yield strength of steel at high temperatures

(a) For 0 °C< T; <600 °C
Syt Ty

n
Fy 1
7671n 750

(b) For 600 °C< Ty <1000 °C
fr  108(1—1T;/1000)
£ T, — 440

The Young’s modulus of steel at high temperature is calculated by
(a) For 0 °C< T; <600 °C

E
L —14159% 10757, —34.5x 10 T2

E
+11.8x 107972 —17.2 x 107121
(b) For 600 °C< T, <800 °C
E
ET =8.66x 1074(800—T})

3.2.3.2 AS4100 Model

(3.16)

(3.17)

(3.18)

(3.19)

Australia standard AS4100[1% gives the following equations for the yield strength of

steel at elevated temperatures as
(a) For 0 °C< T €215 °C

bty
ij
(b) For 215 °C< T, <905 °C
hr _ (905 — 7;) /690
7

The Young’s modulus at high temperature is determined by
(a) For 0 °C< T, <600 °C

Er T;
M ) . R
E * 2000In(7, /1000)

(b) For 600 °C< Ty <1000 °C

Er 690 —0.69T,
E  T,—-535

(3.20)

(3.21)

(3.22)

(3.23)
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3.2.3.3 EC3 and BS5950 Model

EC3!! and BS595013) provide tables to define the reduction factor of yield strength
and Young’s modulus of steel at elevated temperatures. For more information you
may consult Table 3.1 in EN1993-1-21 and Table 1 in BS5950 Part 813

3.2.3.4 CECS200 Model

The China Technical code for Fire Safety of Steel Structures in Buildings[®! gives the
following equations for strength reduction factors of steel at elevated temperatures
(a) For 0 °C< T; <300 °C
bt _ o (3.24)

Ko
(b) For 300 °C< T, <800 °C

BT 0216849208 10737,

fy (3.25)
—2.096 x 107572 +1.24 x 10787

(c) For 800 °C< T; <1000 °C

bt _os-1, /2000 (3.26)

f

The reduction factor for Young’s modulus of steel at high temperature is calcu-
lated as
(a) For 0 °C< T; <600 °C

Er _ 7T,—4780

‘E 6T, —4760 627
(b) For 600 °C< Ty <1000 °C

Er _ 1000—T;

‘E  6T,—2800 (3:28)

The yield strength and Young’s modulus of structural steel at high temperatures
obtained with the above equations are compared in Fig. 3.4 and Fig. 3.5[]. It can be
seen that there are some differences in the yield strength and Young’s modulus for
structural steel proposed by different codes.

3.2.4 Yield Strength and Elastic Modulus of Fire-Resistant Steel at
High Temperatures

The fire resistant steel produced by the Nippon Steel Corporation '] are SM490-FR,
SM400-FR and F11T-FR, which have the ultimate strength f, of 490 N/mm?2, 400
N/mm? and 1100 N/mm? respectively, and corresponds to the SM490, SM400 and
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F11T of carbon steel. Jiang et al.!''! carried out a series of high temperature tests on
fire-resistant steel. Test results are listed in Table 3.1 and Table 3.2. The comparison
of reduction factors for yield strength, ultimate strength and original elastic modulus
of fire-resistant steel to normal steel is shown in Fig. 3.6, Fig. 3.7 and Fig. 3.8. Test
results on the fire resistant steel produced by China Ma-An-Shan Steel Corporation
(Ma Steel) and China Wuhan Steel Corporation (Wu Steel) are also presented[1213] .

When the temperature of steel is not higher than 600 °C, the yield strength of
fire-resistant steel is much higher than that of structural steel at the same temperature.
For example, at the temperature of 600 °C, the yield strength reduction factor is still
about 2/3 and the elastic modulus reduction factor is about 3/4.

A simplified equation for calculating the reduction factor of the yield strength and
elastic modulus is proposed. For the structural use of fire-resistant steel the reduction
factor of the yield strength and elastic modulus can be calculated by

(a) For 20 °C< 7T, <700 °C

Sr _ 6T, —768 (3.29)

S 5T,—918 '
(b) For 700 °C< T, <1000 °C

@211000_7} (3.30)

iy 8 I, —600 ’
The reduction factor of Young’s modulus can be calculated by
(a) For 20 °C< T <650 °C

Er  T,-20

= 1 7520 (3.31)

(b) For 650 °C< T, <900 °C

1: ECCS
2: BS5950, 0.5%
3

= 0.6+ 3:BS5950, 1.5%
% | 4:BS5950,2.0%
= 5. EC3

0.4+ 6 AS4100

L 7: Japan
8: CECS200
02+
0.0 : : L
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Temperature ('C)

Fig. 3.4 Yield strength of structural steel at elevated temperatures



3.2 Mechanical Properties of Structural Steel at High Temperature

1: ECCS

2: Japan

3: AS4100
4: EC3

5: CECS200

1 100 20

i

Temperature (C)

Wi M SO0 GIME TN =00 )

Fig. 3.5 Young’s modulus of structural steel at high temperatures

Table 3.1 Yield strength reduction factor of fire resistant steel at high temperatures

45

Ma Steel Wu Steel Nippon Steel Nippon Steel

Q345 -10 mm plate SM490-FR SM400-FR
At ambi- f,=378 f,=693 f,=468 f,=615 f,=358 [f,=554 f,=326 f,=476
ent
Temp.  fyrlfy  furlfe  firlfy  furlfu  Hrlfy  furlfu  frlfy  furlfu
20°C 1.000 1.000 1.000 1.000 1.000 1.000 1.000 1.000
100°C 1.113 0.953 0.920 0.923 0.993 0.950 0.963 0.947
200°C  1.093 0.953 0.877 0911 0.970 0.937 0.887 1.029
250°C  1.179 0.978 0.850 0.890 - - - -
300°C 1.139 0.993 - - 0.926 1.018 0.770 1.040
350°C 1.033 0.986 - - 0.926 0.989 - -
400°C 1.079 0.931 0.802 0.894 0.864 0.947 0.724 0.956
500°C 0974 0.780 0.759 0.833 0.837 0.823 0.724 0.788
550°C - - - - 0.795 0.744 0.699 0.6930
600°C  0.808 0.534 0.722 0.675 0.698 0.598 0.574 0.576
650°C - - - - 0.510 0.451 0.469 0.435
700°C 0412 0.252 0.433 0.504 0.330 0.310 0.337 0.298
750°C - - - - 0.229 0.199 0.190 0.172
800°C 0.200 0.120 - - 0.139 0.129 0.101 0.113
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Table 3.2 Original elastic modulus reduction factor of fire resistant steel at high temperatures

Temp. 3Ma Steel Nippon Steel Nippon Steel Nippon Steel
(°O) Q345 SM490-FR SM490 SM400-FR
20 1.000 1.000 1.000 1.000
100 0.991 0.983 0.983 0.981
200 0.967 0.954 0.952 0.935
250 - 0.938 0.936 0913
300 0.934 0.922 0.919 0.893
350 - 0.907 0.900 0.873
400 0.887 0.886 0.880 0.851
450 - 0.867 0.859 0.836
500 0.835 0.845 0.837 0.816
550 - 0.823 0.812 0.797
600 0.764 0.797 0.799 0.779
650 - 0.769 0.525 0.757
700 0.689 0.754 0.348 0.609
750 0.670 0.673 - -
800 0.665 0.381 - 0.332
900 0.066 - - -
L = T Curve fitting results:

® 1: Nippon Steel (FR), SM400
= 2: Nippon Steel (FR) SM490
3: Nippon Steel (FR), F11T

Sl 1,

= ® Ma Steel (FR), Q345
(14 L & WuSteel (FR), -10mm plate \
& Wu Steel (FR), -50mm plate
T Nippon Steel (FR), SM490
® Nippon Steel (FR), SM400
L ONippon Stecl (FR), FUIT
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Fig. 3.6 Yield strength reduction factor of fire resistant steel (with permission from ASCE)
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Fig. 3.8 Original elastic modulus reduction factor of fire resistant steel (with permission from
ASCE)

Er (T, — 650)
— =075 500 (3.32)
(c) For 900 °C< T, <1000 °C
E T,
Er _ys5_ % (3.33)




48 3 Properties of Steel at Elevated Temperatures

3.2.5 Stress-Strain Relationship of Normal Strength Structural
Steel and Fire-Resistant Steel at Elevated Temperatures

CECS200 /3! simply assumes that the steel at high temperature is still elastic perfectly
plastic. Hence, by using the degraded yield strength and Young’s modulus of steel at
high temperature, the stress-strain relationship is obtained.

EC3!!l gives a non-linear stress-strain relationship of steel at high temperature
(See Fig. 3.1 in EN1993-1-2).

3.3 Mechanical Properties of High Strength Steel at High
Temperatures

3.3.1 High Strength Bolt

Because of the treatment of quenching and tempering, the mechanical properties of
high strength bolt steel are different from those of structural steel (see Fig. 3.9).
BS5950 part 8131 suggests that the yield strength of a Grade 8.8 high strength bolt at
elevated temperatures is reduced 20% more than that of normal strength steel at the
same temperature on the base of 0.5% proof strain.

Kirby "4l and Theodorou!!3! carried out a series of tests on a Grade 8.8 high
strength bolt at high temperatures. Test results are summarized as

e at all the pre-defined temperatures, there is no yield plateau in the stress-strain
curve.

e at temperatures lower than 300 °C, the yield strength of high strength bolt steel
reduces very little and there is not blue brittleness phenomena, which is very
different from structural steel.

e in the temperature range of 300 °C through 400 °C, the yield strength of high
strength bolt steel reduces quickly and the plastic deformation increases.

e in the temperature range of 400 °C through 600 °C, the ultimate strength of
high strength bolt steel reduces to 65% that at ambient temperature, the plastic
deformation is nearly the same as that of structural steel and

e when the temperature reaches 700 °C through 800 °C, the ultimate strength of
high strength bolt steel reduces to 10% of that at ambient temperature.

Li et al.['617] have carried out tests on high strength 20MnTiB and SM41 steel.
The strength of high strength bolts are listed in Table 3.3. It can be seen that the
different level of proof strain gives a different yield strength and the reduction factor
in the ultimate strength of high strength steel is smaller than that of the yield strength.

Based on test results at 0.5% proof stress, Kirby ['4 proposed following equations
for the yield strength reduction factor of high strength steel at elevated temperatures
as

(a) For T; < 300 °C

hr

=10 3.34
7, (3.34)
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Fig. 3.9 Stress-strain curves and failure model of Grade 8.8 high strength steel

(b) For 300 °C< T, < 680 °C

BT _10-2.128 % 1073 (T, — 300) (3.35)
fy
(¢) For 680 °C< Ty < 1000 °C
hr _ -3
2T = 0.17-5.312 % 1073(T, — 680) (3.36)
I
16,17

Based on test results, Li et al. '®!7] adopt the 0.2% proof stress as the yield strength
of high strength bolt steel at high temperatures in a fire and the following equation is
proposed as

(a) For 20 °C< T, < 400 °C

T 1011 —55x% 10747, (3.37)

b
(b) For 400 °C< T, < 700 °C

hr _ —0.501 4+ 1.125 x 10727, —2.826 x 107°T> 4+1.909 x 107373 (3.38)

y
(c) For 700 °C< T; < 1000 °C
hr 0.25T,
i T 1000

(3.39)

Comparison of the yield strength reduction factor between structural steel and high
strength bolt steel is shown in Fig. 3.10.
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Table 3.3 Strength reduction factors of high strength steel at elevated temperatures

Test results Proposed by

References

Kirby Thedorou Li et al. Sakmoto Kirby Lietal.
Grade G8.8 G8.8 20MnTiB FI0T FIIT
Strength — my7  Nur Mmr  Mur Tyt Myr Mt myr  Myr
Proof strain 0.5% 0.2% 02% 0.2%
fy(N/mm?) 628 1130 1176 987
20°C 1.000  1.000 1.000 1.000 1.000 1.000 1.000 1.000  1.000
100 °C 0910 - - - - - - 1.000 0.956
150°C 0875 - - - - - - 1.000 0.929
200 °C 0.855 1.000 0.890 1.000 - - - 1.000 0.901
250 °C 0.845 - - - 0.88 - - 1.000 0.874
300 °C 0.825 0.983 0.836 0938 0.87 0.865 0.947 1.000 0.846
350°C 0.785 - 0.767 0.837 0.780 - - 0.894 0.794
400 °C 0.720  0.904 0.697 0.742 0.76  0.735 0.804 0.787  0.700
450 °C 0.625 0.668 0572 0.598 0.64 - - 0.681 0.579
500 °C 0.465 0.504 0412 0438 042 0395 0.505 0.574 0.446
550°C 0.270  0.437 0.295 0315 - - - 0468 0.314
600 °C 0.150 0.265 0.199 0.213 - 0.135 0.263 0.362 0.199
650 °C 0.085 0.168 - - - 0.073  0.168 0.255 0.115
700 °C 0.055 0.102 0.079 0.091 - 0.043 0.112 0.159 0.075
750 °C 0.045 - - - - - - 0.133  0.0625
800 °C 0.040  0.093 - - - 0.032 0.074 0.106  0.050
1000°C - - - - - - - 0.000  0.000

3.3.2 High Strength Cable

Zhou!"®! carried out a series of high temperature tests on the high strength cable.
The test specimen was made by seven high strength steel wires of Grade 1860 with
character diameter of 15.24 mm. The effective area is 140 mm?. The tested stress-
strain relationship of the steel cable at different temperatures is shown in Fig. 3.11.

It can be seen that, with the elevation of temperatures, the strength of the steel ca-
ble degrades. The reduction factor of the ultimate strength, yield strength and elastic
modulus of high strength steel cable are shown in Fig. 3.12.

It can be seen that, for a temperature lower than 200 °C, the strength and elastic
modulus of high strength steel cable changes very little with the elevation of temper-
ature. When the temperature is higher than 200 °C, the strength and elastic modulus
of steel cable degrades quickly. At a temperature of 700 °C, the ultimate strength,
yield strength and elastic modulus is only about 5% that at ambient temperature.
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Fig. 3.10 Yield strength reduction factor of high strength bolt steel and structural steel at
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Fig. 3.11 Stress-strain relationship of high strength steel cable at high temperatures
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Fig. 3.12 Ultimate strength reduction factor of high strength steel cable at high temperatures

As a result of curve fitting, the yield strength of the high strength steel cable at
high temperatures can be calculated by

Oy1 = X1 0y0 (3.40)

where y7 is the reduction factor calculated by

1.41— 0.827 200°C < T £ 600°C (341)

1, 20°C < T <200°C
Xr =
400 ’

The elastic modulus of high strength steel cable at elevated temperatures is calculated
by
Ey, =nrEy (3.42)

where 77 is the reduction factor. When 20 °C< T <600 °C, nr is obtained through
Nr =0.981747.9229 x 10747 —3.1937 x 10772 (3.43)

The comparison of yield strength reduction factors for high strength steel cable
measured from tests and based on Eq.(3.40) and for normal steel recommended by
CECS2005! and EC3! are plotted in Fig. 3.13.

From Fig. 3.13, it can be seen that (a) the proposed equation for the yield strength
reduction factor of the high strength steel cable agrees well with test results and (b)
the yield strength of the high strength steel cable degrades faster at high temperatures
than that of the carbon steel.
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Fig. 3.13 Comparison of the yield strength reduction factor

The comparison of the elastic modulus reduction factor of the high strength steel
cable measured from tests, based on Eq.(3.42) and that of normal strength steel used
in EC3 is shown in Fig. 3.14.
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Fig. 3.14 Comparison of the yield strength reduction factor
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From Fig. 3.14, it can be seen that the elastic modulus reduction factor given
by the proposed equation agrees well with test results and that the elastic modulus
reduction factor of high strength steel cable is little different to that of normal steel.

3.4 Properties of Stainless Steel at High Temperatures

Owing to good durability, aesthetic appeal and corrosion resistance, the use of stain-
less steel in construction is continuously increasing. Material properties of the stain-
less steel are significantly different from those of the carbon steel. For carbon and
low-alloy steels, the proportional limit is assumed to be at least 70% of the yield
point, but for stainless steel the proportional limit ranges from approximately 36%
to 60% of the yield strength.

3.4.1 Thermal Properties of Stainless Steel

Stainless steel used in structures is mainly austenitic stainless steel contenting alloy
Ni, and Cr of 8%—11% and 18%—-20% respectively. The alloy Ni and Cr are all high
temperature resistant and stainless steel performs better than the carbon steel at very
high temperature (>600 °C). At room temperature, the thermal expansion coefficient
of austenitic stainless steel is about 1.3 times that of carbon steel and the thermal
conductivity is about 1/3 that of carbon steel.

Table 3.4 lists the thermal expansion coefficient, conductivity, specific heat of
stainless steel at different temperatures described in UK and Japanese standards
(Sakumoto !, Sandersin!'!). It can be seen that (a) the thermal expansion of stain-
less steel increases with the increase in temperature, which is the same as that of nor-
mal steel, (b) the thermal conductivity of stainless steel increases with the increase
in temperature, which is the opposite to that of carbon steel and (c) the increase in
specific heat of stainless steel is insignificant with the increase in temperature, which
is very different from that of carbon steel.

3.4.2 Mechanical Properties of Stainless Steel at High
Temperatures

The stress-strain relationship of stainless steel has no yield platform even at ambient
temperature, as shown in Fig. 3.15[®!, There is a great strain hardening after the
elastic limit. The ratio between yield strength and ultimate strength is about 0.36 to
0.40, which is lower than that of carbon steel. For stainless steel, the yield strength
usually takes 0.2% proof stress. The tangent elastic modulus is about 1/15 of the
original elastic modulus.

The Steel Construction Institute carried out a test on grade 1.4301 austenitic
stainless steel %), Strength reduction factors at elevated temperatures were devel-
oped from test results. A comparison between the behavior of carbon steel and stain-
less steel at elevated temperatures concludes that the stainless steel grade 1.4301
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Table 3.4 Thermal properties of austenitic stainless steel

55

Temp. Thermal expansion Conductivity Specific heat Poisson ratio
(°C)  (x107°°C) (W/(m-°C)) (/(kg-°C))
UK Japan UK Japan UK Japan UK Japan
316831 SUS304 316531 SUS304 316S31 SUS 316831 SUS
304 304
20 - 1.73 14.3 14.3 - -
100 1.60  1.75 15.5 16.4 499 504
200 1.66 1.78 17 - 510 -
300 1.72 1.80 184 - 522 -
400 1.77 1.82 20 20.6 533 - 031 03
500 1.83 1.85 215 218 544 -
600 1.87 1.87 23 235 553 575
700 1.91 1.89 245 - 560 -
800 1.93 1.92 26 - 563 -

(reproduced from Journal of Structural Engineering, ASCE, with permission from ASCE)
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Fig. 3.15 Stress-strain relationship of stainless steel at ambient temperature
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retains higher strength than carbon steel at temperatures above 500 °C and signifi-

[21]

cantly higher values of Young’s Modulus'<'!.
The strength reduction factor and Young’s modulus reduction factor for stain-

less stee] [20:21.22,23

reduction factors at different proof stress are listed in Table 3.5.
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Fig. 3.17 Young’s modulus reduction factor of stainless steel at elevated temperatures
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Table 3.5 Reduction factors of yield strength and Young’s modulus of stainless steel with
different proof stresses

Temp. 304516 316S16 SUS304 EN1.4301 ENI1.4401 ENI1.4301 EN1.4401

O ny My Ty Mu Ny M My Nu Ne Mer Me NMEr
0.5% 1.0% 0.5% 1.0% 0.2% 0.2% 0.2%

20 10 10 10 10 10 10 1.001.0 1.0 1.0 1.0 0.11 1.0 0.05
100 0.752 0.774 0.773 0.787 0.855 0.772 0.820.87 0.880.93 0.960.05 0.960.049
150  0.662 0.696 0.700 0.717 — -

200 0.609 0.639 0.645 0.662 0.731 0.694 0.680.77 0.760.87 0.920.02 0.920.047
250  0.571 0.604 0.600 0.625 — -

300 0.543 0.574 0.567 0.599 0.665 0.694 0.640.73 0.710.84 0.880.02 0.880.045
350 0.519 0.543 0.536 0.571 — -

400  0.500 0.522 0.518 0.554 0.610 0.685 0.600.72 0.660.83 0.840.02 0.840.03
450  0.481 0.509 0.495 0.537 — -

500 0.467 0.500 0.477 0.521 0.558 0.642 0.540.67 0.630.79 0.800.02 0.800.025
550  0.452 0.487 0.467 0.504 — - - - - - - - - -
600 0.438 0.474 0.454 0.496 0.522 0.544 0.490.58 0.610.72 0.760.02 0.760.02
650 0.419 0.452 0.445 0.483 0.497 0476 — - - - - - - -
700 0.400 0.430 0.436 0.471 0.474 0.391 0.400.43 0.510.55 0.710.02 0.710.02
750  0.381 0.413 0.427 0.446 0.425 0.306 — — - - - - - -
800  0.343 0.348 0.391 0.383 0.360 0.238 0.270.27 0.400.34 0.630.02 0.630.02
850  0.305 0.304 0.309 0.300 0.273 0.180 — — - - - - - -
900 0.214 0.217 0.236 0.225 0.205 0.137 0.140.15 0.190.18 0.450.02 0.450.02
950 - - 0.218 0.167 0.136 0.096 — — - - - - - -
1000 — - 0.127 0.125 0.097 0.073 0.060.07 0.100.09 0.200.02 0.200.02

Based on the curve shown in Fig. 3.18, a stress-stain relationship considering the
strain hardening of stainless steel is proposed?!. The detailed equation is listed in
Table 3.6.

An equation is proposed for the reduction factor of 0.2% proof stress. The unified
equation for the reduction factor at elevated temperatures for stainless steel is as
follows

(T—b)"

nr=a=-~—" (3.44)
C

Coefficients a, b, ¢ and n of the equation are calibrated with all stainless steel test
results, and the coefficients are presented in Table 3.7.

The reduction factor of 0.2% proof stress obtained from tests was compared
with the proposed equation and also compared with test results conducted by Ala-
Outinen®*, Sakumoto et al.??) and Ala-Outinen et al.[>!, as shown in Fig. 3.19.
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i‘l e e e

Fig. 3.18 Stress-strain relationship of stainless steel including work hardening

Table 3.6 Stress-strain relationship of stainless steel at elevated temperatures

Strain range Stress Tangent modulus
eEr E7(1+me® —mne™)
£ gy —_—
9T 1+ men (1+men)?

b b(g,—¢
§T < & hHro2—c+ 5\/42*(&4*8)2 (&)

av/a*—(g,—¢€)?

&1 = 0.002 +fyT,O.2/ET

_Ergr—fyron

B fyT,O.ZS;lT

_ Erggr(1-Egrer/fyro2)

- fro2Ergr/fyro2—1)
a= \/(eyT — spT)(gyT —&r +c/Er)
b= \/C(SyT — 8pT)ET +c2

(fir — for)?
B (&yr — &1)Er = 2(fy7 — for)

fyr.02 is 0.2% proof stress at temperature 7'; E7 is original Young’s modulus at temperature 7'; &7 is the strain
corresponding to stress yyr,.2; € is ultimate strain at temperature T
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Table 3.7 Coefficients of the proposed equation for yield strength of stainless steel types
EN1.4462 and EN 1.4301

Temperature 22°C< T <300°C  300°C< T <850°C 850°C< T <1000°C
a 1.0 0.63 0.1
22 300 850
¢ 45 5.7x10° 600
n 0.5 2 0.8
1.0 Proposad methoi
z 0.81
2 061 a
\: 061 — ASLI
'S ® EN 1.44a2
0.44 & EN 14301 A
O EN 14462 o
O SUS 304, Spkumoto of al, {190 &
024 *+ EN LA, Ala.Chinet {19060
A EN L4571, Ala-Owincn | 19#96)
® EM LAJNN, Ala-Chetinen of al. (1997) o
0 = — I b A i 3 b
0 200 400 600 800 1000

Temperature ('C)

Fig. 3.19 Comparison of reduction factor of 0.2% yield strength used in AS4100 and proposed
equation with test results (Reprinted from Chen and Young (2006), with permission from
Elsevier)

The proposed equation provides a conservative prediction for test results of stainless
steel types EN 1.4462, EN 1.4301 and EN 1.4571.

The unified equation Eq.(3.44) that is used in this study for stainless steel can
be used for the prediction of the elastic modulus for cold-formed carbon steel at
elevated temperatures. Coefficients a, b, ¢ and n of the equation are calibrated with
all of stainless steel test results and coefficients are presented in Table 3.8.

The reduction factor of the elastic modulus obtained from tests are also compared
with test results conducted by Ala-Outinen?*!, Sakumoto et al.[??! and Ala-Outinen
et al.[>] as shown in Fig. 3.20. It can be seen that results are significantly differ-
ent from each other. It is shown that the prediction of the reduction factor of the
elastic modulus using Eq.(3.44) is generally conservative compared with test results
obtained from this study for stainless steel types EN 1.4462 and EN 1.4301 and test
results obtained by other researchers.

For the prediction of ultimate strength, coefficients a, b, ¢ and n in Eq.(3.44) take
the value listed in Table 3.9. It is shown that the prediction of the reduction factor of
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Table 3.8 Coefficients of the proposed equation for yield strength of stainless steel types
EN1.4462 and EN 1.4301

Temperature 22°C< T €922°C
a 1.0
b 22
c 900
n 1
]
1.0 = o - .

% ® EM 14462 (Steady
0.6 74 BN 14301 (Sicady) Az
3 | sa ! i
&) 0O EM I_-'I-.h_ [ Transient) " .
04 =0 SUUS 304 Sakomoto ot al, | 1996) » 2 Es
w® S8 306 Sukomote ot al (19946) W
o SLUS 304MN2 Sakumoto eral. { 15996) o l‘ﬂ.
0.2 <4 EN 14300 (Suadyh Aln-Ouwtinen | 1996) B ]

| & EN L4571 (Steady ) Aln-Chutinen | 1996)
& EN 14300 { Transientd Aln-Outinen ol al, (1997
0 T A T T T T T T T

0 100 200 300 400 500 600 700 800 900 1000
Temperature ('C)

Fig. 3.20 Comparison of elastic modulus obtained using the proposed equation with test results
(Reprinted from Chen and Young (2006), with permission from Elsevier)

the ultimate strength using Eq.(3.44) agrees well with test results obtained from this
study for stainless steel types EN 1.4462 and EN 1.4301, as shown in Fig. 3.21.

For calculating the ultimate strain, coefficients a, b, ¢ and n of the equation are
calibrated with stainless steel test results in this study and coefficients are presented
in Table 3.10. It is shown that the prediction of the reduction factor of ultimate strain
using Eq.(3.44) generally agrees with test results obtained from this study for stain-
less steel types EN 1.4462 and EN 1.4301, as shown in Fig. 3.22.

The proposed stress-strain curve model is as follows

f7+oooz(]{r) , fr < fyr
e = T (3.45)
Jr=hr (fT fr )
Eyr e Sur = fyr » Jr> b

and
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Fig. 3.21 Comparison of ultimate strength obtained using the proposed equation with test
results (Reprinted from Chen and Young (2006), with permission from Elsevier)

Table 3.9 Coefficients of the proposed equation for ultimate strength

Temperature 22°C< T <450°C  450°C< T <660°C 660 °C< T <960 °C
a 0.85 0.85 0.51
b 450 450 660
EN1.4462
¢ 9.6x1013 1.3x10° 200
n 5 2 0.8
a 07 0.7 0.06
b 450 450 960
EN1.4301
¢ 4.8x108 1.92x10° 22x10°
n 5 2 2
E
Ey = —TET (3.46)
1+0.002nr —
fyT
nr =6+02VT (3.47)
T
56— —, for EN1.4462
mr = 2 (3.48)
2.3 for EN1.4301

1000’

The comparison of stress-strain curves obtained using Eq.(3.44) with test results
for stainless steel types EN1.4462 and EN1.4301 at different temperatures are shown
in Fig. 3.23 and Fig. 3.24, respectively. Generally, the proposed stress-strain curve
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Table 3.10 Coefficients of the proposed equation for ultimate strain

Temperature 22°C< T <180°C 180 °C< T <560 °C 560 °C< T <960 °C
a 1.0 0.67 0.15
22 180 660
EN1.4462
c 480 5.42x10%! 5000
n 1 8 1
a 1.0 0.36 0.16
b 22 180 660
EN1.4301
c 247 6.1x1010 2000
n 1 6 1
[ ]
1.0 1 ® N 14462
A EN 1.4301
08 4 ° Proposed equation for EN 1.4462

Proposed equation for EN 1.4301

gxr,T/gu‘nomal
o
o)

L

=
N
L

o
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|
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Fig. 3.22 Comparison of ultimate strain obtained using the proposed equation with test results
(Reprinted from Chen and Young (2006), with permission from Elsevier)

model accurately predicated the stainless steel type EN1.4462 and conservatively
predicated the stainless type EN1.4301 for the temperature range from 20 °C to 960
(8]

C.
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Fig. 3.23 Comparison of stress-strain curves based on the proposed model with test results for

stainless steel type EN1.4462 (Reprinted from Chen and Young (2006), with permission from
Elsevier)
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Fig. 3.24 Comparison of stress-strain curves based on the proposed model with test results for

stainless steel type EN1.4301 (Reprinted from Chen and Young (2006), with permission from
Elsevier)
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4

Temperature Elevations of Structural Steel
Components Exposed to Fire

This chapter will introduce heat transfer from a fire to structural steel components
and its modeling in the context of structural engineering for fire safety. There are
three basic mechanisms of heat transfer (a) conduction, (b) convection and (c) radi-
ation. In conduction, energy is exchanged in solids on a molecular scale but without
any movement of macroscopic portions of matter relative to one another. Convection
refers to heat transfer at the interface between a fluid and a solid surface. Radiation
is the exchange of energy by electromagnetic waves which can be absorbed, trans-
mitted or reflected at a surface. Unlike conduction and convection, heat transfer by
radiation does not require any intervening medium between the heat source and the
receiver.

4.1 Laws of Heat Transfer

The analysis of temperature response in a structural component can be subdivided
into two parts. One is heat transfer across the boundary from the fire into the surface
of a structural member, which is through the combination of convection and radiation
and is usually treated as a boundary condition. The other is heat transfer within the
structural member, which is through conduction and treated as a governing equation
expressed by the Fourier equation of heat transfer!!],

4.1.1 Heat Transfer in Structural Members

Usually heat transfer along the length of a structural member can be neglected. The
heat transfer in a structural member can be simplified to a 2D heat transfer problem.
The equation describing this heat transfer!!! is shown in Fig. 4.1 and is expressed as

oT 9, 9T 9, 0T
pes-= ==

o "ot %)

“.1H
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Fig. 4.1 Heat balance in a differential element

4.1.2 Heat Transfer between Hot Smoke and a Structural Member

The heat transfer between hot smoke and the surface of a structural member is by
radiation and convection!, as shown in Fig.4.2.
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Fig. 4.2 Heat transfer between hot smoke and the structural member

Radiation

( Convection )
Ly

—_—
—_—
—=
R
e ——




4.2 Practical Calculation Method for Temperature Elevation 69

4.1.2.1 Radiation

The heat transferred through radiation depends on the temperature difference be-
tween the hot air and the surface temperature of a structural member!!, which is
given by

qr = 0&0[(T, +273)* — (T, +273)"] (4.2)

where €, is comprehensive radiation factor obtained through
& = Er€En 4.3)

€y is the radiation factor related to the fire compartment and usually takes the value of
0.8, &, is the radiation factor related to the surface character of a structural member
and usually takes the value of 0.625, ¢ is the view factor and usually takes the value
of 1.0, & is the Stefan-Boltzmann constant and 6=5.67x 10~8 W/(m?-K*).

4.1.2.2 Convection
The energy transferred through convection!!l is
ge = 0c(Ty = Tp) (4.4)

where @, is the heat convection factor. o.=25 W/(m2-°C) for the fiber material fire
and @,=50 W/(m?-°C) for the hydrocarbon material fire. ¢. is the heat transferred
through convection in W/m?.

4.2 Practical Calculation Method for Temperature Elevation of
Structural Members

The temperature elevation of structural components exposed to a fire can be obtained
through solving the Eq.(4.1). However, it is not very easy to find an analytical solu-
tion. Numerical methods may be used instead.

4.2.1 Calculating Model

The structural component is divided into light section component and heavy section
component according to the section factor F/V. The former one has a large section
factor. The temperature over the cross section of a light section component exposed
to fire can be assumed to be uniform.

The coating to protect a structural steel component is divided into lightweight fire
protection and heavyweight fire protection. For lightweight fire protection, the heat
absorbed by the fire protection material can be ignored. Otherwise, for heavyweight
fire protection, the heat absorbed by the fire protection material cannot be ignored.
The heat transfer and temperature distribution across the component section have
different types!?!, as shown in Fig. 4.3 and Fig. 4.4.
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4.2.2 Temperature Elevation of Structural Component with
Uniformly Distributed Temperature

4.2.2.1 Unprotected Structural Component

For the component with uniform cross-sectional temperature distribution, the Fourier’s
law 2! of heat conduction can be simplified to

q= pscsV% 4.5)
The energy transferred to the structural component can be expressed by
q=4qr+4qc (4.6)
The radiation energy is calculated by
qr = -F (T — Ty) @7
Let ¢ = 1.0 and Eq.(4.2) is reformulated as
g = M[(Tg+273)4— (T, 4+273)*] (4.8)

T, T,

N
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and Eq.(4.4) can be reformulated as
gc = acF(Tg - Tr) (49)
Substituting Eq.(4.6), Eq.(4.7) and Eq.(4.9) into Eq.(4.5), we can get

WV dT,
(T, T,) = p“;‘vd—t“ (4.10)

where « is the comprehensive heat transfer coefficient given by

a=o,+a @.11)
The increment format of Eq.(4.10)

g(Tg —T,)AT (4.12)

AT, =«

pscs

where the time increment AT is suggested to be less than 5 s for obtaining satisfac-

torily precise results. The temperature dependent material properties can be included

when using Eq.(4.12).

The expression of section factor (F/V) for various sections is listed in Table 4.1

by employing Eq.(4.12). The temperature elevation of an unprotected steel compo-
nent subjected to ISO834 3! standard fire is obtained and tabulated in Table 4.2[%!.

Table 4.1 Section factor of unprotected structural component

Section type F/V ‘Section type F/V
0
h 2h+4b—2 , d
—_— d
LL_b__l A t(d—t)
T—E 2h+4b—2t h :jéf 2h+3b—2t
L i L i
x| A (] A
! 2(a+b) i 2h+3b—2
] L —
= @ 2] A
4L
d AEE b+a)2
\ 4 z tla+b—21)
T _I
i’ 1T a+b
Lo t(a+b—21)
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Table 4.2 Temperature elevation of unprotected structural component

Time T, Section factor F/V (m~!)
(min) (°C) 10 20 30 40 50 100 150 200 250 300

0 20 20 20 20 20 20 20 20 20 20 20
5 576 32 44 56 67 78 133 183 229 271 309
10 678 54 86 118 148 178 311 416 496 552 590
15 739 81 138 193 246 295 491 609 669 697 711
20 781 112 197 277 350 416 638 724 752 763 767
25 815 146 261 365 456 533 737 786 798 802 805
30 842 182 327 453 556 636 799 824 830 833 834
35 865 221 396 538 646 721 838 852 856 858 859
40 885 261 464 618 723 787 866 874 877 879 880
45 902 302 531 690 785 835 888 893 896 897 898
50 918 345 595 752 834 871 906 911 913 914 915
55 932 388 655 805 871 898 922 926 928 929 929
60 945 432 711 848 900 919 936 940 941 942 943
65 957 475 762 883 923 936 949 952 954 954 955
70 968 518 807 911 941 951 961 964 965 966 966
75 979 561 846 933 956 963 972 974 976 976 977
80 988 603 880 952 969 975 982 984 986 986 987
85 997 643 908 968 981 985 992 994 995 995 996
90 1006 683 933 981 991 995 1001 1003 1004 1004 1004

Note: (1) if F/V <10, the temperature distribution across the structural component section is non-uniform;

(2) if F/V>300, the temperature of structural component can be assumed as the air temperature

4.2.2.2 Structural Component with Lightweight Fire Protection Material
Thermal properties of the lightweight fire protection satisfy
cspsV = 2cipid;F; (4.13)

From Eq.(4.2) and Eq.(4.4), the heat transfer between the hot air and the fire

protection material is
q=aF/(T;=T)) (4.14)

where T}, is the surface temperature of the fire protection material and F} is the outer
surface area of the fire protection per unit length.

The heat transfer between the fire protection and the structural component is

_ Ai
g="F(T,~T) (4.15)

The conductivity, density and specific heat of commonly used fire protection materi-
als are listed in Table 4.3,

Eq.(4.7) and Eq.(4.8) can be rewritten as

q = aF(T, —Ty) (4.16)
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Table 4.3 Thermal properties of fire protection material

Material pi (kg/m?®) Ai (W/(m-°C)) ¢i (kKJ/(kg-°C))
Thin fire protection coat 600-1000 - -

Thick fire protection coat 250-500 0.09-0.12 -

Plasterboard 800 0.20 1.7

Silica acid calcium board 500-1000 0.10-0.25 -

linen 80-250 0.10-0.20 -

Clay brick, ash sand brick 1000-2000 0.40-1.20 1.0
autoclaved aerated concrete 400-800 0.20-0.40 1.0-1.20
Light aggregate concrete 800-1800 0.30-0.90 1.0-1.20
concrete 2200-2400 1.30-1.70 1.20

where « is the comprehensive heat transfer coefficient calculated by

1 1

= ~ 4. 1
(04 1 d; E‘I 1 N é “4.17)
o+a. MF o+ A
Generally, o, + o is far greater than A;/d;. « is approximately expressed by
Ai
o= — 4.18
i (4.18)
Substituting Eq.(4.16) into Eq.(4.5) gives
a7, A 1 F
— = ——— (T, T, 4.19
dr dipscSV(g ) “.19)
The solution to Eq.(4.19) as
t
Ty(1) = / T, (1)e A= dr + T, (0)e ™ (4.20)
0
where T, (0) is the ambient temperature and A is a parameter given by
FAo1 F;
A=—2 = 4.21)
V d; pscs OsR
Qs is the heat capacity of structural component per unit length obtained by
05 = cspsV 4.22)
R is the heat resistance of the fire protection as
R= di (4.23)
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The increment format of Eq.(4.20) is

A 1 F
ATy

The time increment At in Eq.(4.24) is suggested to be less than 30 s. The expression
equation for the section factor of various protected structural components F;/V is
listed in Table 4.4.

In the commonly encountered temperature range (7; <600 °C), the temperature
elevation of a protected structural component subjected to ISO834 standard fire can
be obtained through the simplification of Eq.(4.20) as

Ty = (1V/0.044 +5 x 10758 — 0.2)1 + T, (0) (4.25)

and "
B="11 426
4V (4.26)

4.2.2.3 Structural Component with Heavyweight Fire Protection

If the properties of fire protection material do not satisfy Eq.(4.13), this is called
heavyweight fire protection. The heat absorbed by fire protection material should be
considered in calculating the structural component temperature when protected by
heavyweight fire protection.
The energy balance of fire protection gives
oT? oT;
Aim5 —pici=— =0 4.27

a2 Py 27
The boundary conditions are
(a) at the interface between hot air and fire protection

Ti(x,0) =Ty (4.28)
(b) at the interface between hot air and fire protection

aT; aT,
F 22t —*_0 4.29
oot Os Fr (4.29)
where 7; is the temperature of fire protection at a distance of x from the surface, 7 is
the smoke temperature, d; is the thickness of fire protection.
The solution to Eq.(4.27) can be expressed by a series as

Ti(x,1)
Ty

=Y Kue P sin(ox) (4.30)
n=1

Substituting Eq.(4.30) into Eq.(4.27) gives B,=ac?. And Eq.(4.30) can then be
rewritten as
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Table 4.4 Section factor of unprotected structural component

75

Section type  F;/V ‘ Section type  F;/V
,
h — |z
J 2h44b—2 Ed 2h+b
A n A
AC 2h+3b—2t  HE 2h+b
h L 2ht3b— 2 7 . i7,<h/4
A T A
— -
L 2(h+b) ! EJ atb
S A = t(a+b—2t)
i ol
1 T
s 2(h+b) o [ a+b
il < h/4 L — 1< h/4
i A =, t(a+b—2t)
:h | 2h+b ’ |E|| a+b)2
[ A t(a+b—21)
154 T
f 2h+b * I e b/2
R ! 0 < ni A L,téb/él
| A el t(a+b—2t)
]
f 2h+4b —2t f I d
L A )] t(d—t)
| 2h+3b—2t
h d ! < d/4
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i
B e o
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T(xt) =
i(x,1) = limK,e %" sin(og,x) (4.31)
Ty n=1

where « is the thermal diffusion rate in m?/s. It is calculated by

A
a=— (4.32)
pici
Substituting Eq.(4.32) into Eq.(4.31) gives
Ldi =u (4.33)
ctg(od;) '
and 0
i
== (4.34)
“7o
where Q; is the heat capacity of fire protection per unit length obtained by
Qi = Ficipid, (4.35)

a, is a parameter determined with Eq.(4.33). The parameter K, in Eq.(4.31) is ob-
tained by using the boundary condition governed by Eq.(4.28) as

_ 2[(06,1d,')2 +,Ll2]
K= (andi)[((xnd,')z + U+ “2] (4.36)

The interior surface temperature of fire protection can be calculated by Eq.(4.31)
as

— (Ocndi)2 .
Ty(t) = Ti(di,t) = To Y Knexp [ ROL/E, t] sin( 04, d;) (4.37)

n=1

Eq.(4.37) can also be simplified as

1.0 t<f
T b _ ~
(1) _ ( t—t) _ (4.38)
To exp| — |, >t
T
where 3
r= gL 1L/ +ng/ (4.39)

f is the time need for the temperature wave pass through the fire protection and de-
termined by

1
= §“T (4.40)

The temperature of a structural component can be obtained by Eq.(4.31) as

10 = [ (- &) (E)a (41)
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where @,(t) is the first order derivative of ®(¢) and &(r) is the time needed for the
temperature of a structural component to change by 1 °C given by

Ts(t
D(t)=1- (1) (4.42)
To(1)
Reformulate the ISO834 standard fire curve in series format!* as
3
t)=Y Bje P (4.43)
j=0
Bj and B; are parameters given in Table 4.5.
Table 4.5 Average moisture in fire protection material
j 0 1 2 3
B; (°0O) 1325 —430 —270 —625
Bis™hH 0 5.56x107> 427x1074 5.28x1073

Considering Eq.(4.41), Eq.(4.42) and Eq.(4.43), the temperature of a protected
structural component subjected to ISO834 3! fire is obtained by

B K, sin(opd; i)
ZZO - o, ew(-Bi ey s

(ond;)?

and correspondingly, from Eq.(4.38) the temperature of a protected structural com-
ponent subjected to ISO8345! fire can be approximately obtained by

3 . .
n=Y el pi-n-en- 0} G

Jj=0

It is not very convenient to use Eq.(4.45) in engineering practice. For simplicity,
ECCSD! provides the following increment formulation to calculate the temperature
of a structural component with heavyweight fire protection as

Y | AT,

AT = —T5)At — 4.46
' dpscSV1+u/2( ) 1+pu/2 (4.46)
where AT, is the increase of smoke temperature at every time step and
_ Qi _ picidifi @.47)
QS PsCsV

The EC3!9! gives the following equation for calculating the temperature of a
protected structural component as
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A1 FE 1
AT =2 —
di pscs V 1+u/3

and AT should be greater than 0.

For the structural component subjected to ISO834 fire, the temperature of a struc-
tural component with heavyweight fire protection can be obtained with a simplified
method. In this method, half of the heat capacity of fire protection Q;/2 is added to the
structural component and then the calculation procedure for a structural component
with lightweight fire protection is employed. The increment format is

(T, — T) At — (e*/10 — 1)AT, (4.48)

A 1 F
(o )moa(Ty — Ty) At (4.49)

ATy
Vv

" dipeey

where (— )mod is the modified section factor and
Vv

e

(= )mod = (4.50)

1 F
14 4

1+pu/2

4.2.2.4 Effects of Moisture in Fire Protection on Temperature Elevation of Structural
Component

Usually there is some water in the fire protection. When the fire protection is sub-
jected to fire, the water evaporation causes a delay in the temperature elevation of the
protected structural component!?/. The time is called delay time, as shown in Fig.
4.5. The design value for the delay time ¢, is calculated by

2
_ ppid;
S5
where p is the moisture content of the fire protection. The average moisture content
of some fire protection material is listed in Table 4.6.

ty 4.51)

Structure member temperature
with dry fire protection

Smoke tomperature /

/ IITc mperature

[0 =L

Structural member lemperature
with wet fire protection

Time

Fig. 4.5 Time delay of the structural component with wet fire protection
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Table 4.6 Values of B; and ;

Material pi (kg/m3) Average moisture p (%)
Sprayed fibrous mineral 250-350 1.0
Plasterboard 800 20.0
Silica acid calcium board 500-1000 3.0-5.0
Linen 80-250 2.0
Clay brick, ash sand brick 1000-2000 0.2
Perlite and vermiculite board 300-800 15.0
Autoclaved aerated concrete 400-800 2.5
Lightweight aggregate concrete 800-1800 2.5
Concrete 2200-2400 1.5
E . sonT _‘\.||I|ru:;| 1:;- o 4w E
B R —
TEERS SEC 1%’; :
".jl"‘t Y
B o B 2 [~/
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Fig. 4.6 Temperature distribution across the section of a heavy section structural component

4.2.3 Temperature of Structural Component with Non-Uniformly
Distributed Temperature

For a structural component with a heavy section (F/V <10 m~'), the temperature
distribution across the section is not uniform. Fig. 4.6 shows the temperature distri-
bution of a structural component with a heavy section subjected to ISO834 fire for
30 min. The maximum temperature difference over the section is nearly 100 °C 7.
The non-uniformly distributed temperature will cause additional stress in the section
and greatly affects the behavior of a structural member in a fire. In this situation, the
finite element method is the most feasible solution ®).

4.3 Practical Calculation Method for Temperature Evolution of
Structural Members Exposed to a Large Space Building Fire

The fire in a large space building is usually a fuel controlled fire. The temperature
field can be divided into three zones (a) the upper hot smoke zone, (b) the flame
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zone and (c) the lower cool air zone. The temperature of the smoke zone is usually
lower than that in an enclosure compartment fire. Effects of flame radiation on the
temperature elevation of steel structural components in a large space building need
to be considered, as shown in Fig. 4.7.

Structural
member
Radiation from
structural member
Conveclion
Radiation
from hot smoke e
. A i o
L I, 1 A ol | .
= Nt L™ A7 g :'_-/I N o | Hot smoke

Radiation from
fire plume

Fig. 4.7 Heat exchange between the structural component and the atmosphere

The heat transfer between the hot smoke and the steel structural member is the
same as that in an enclosed compartment fire. And the temperature elevation of a
protected or un-protected structural member due to radiation and convection from
the hot smoke can be calculated according to the method described hereinbefore.

The heat transfer between the flame and the structural component is mainly by
radiation, which depends on the distance and relative position between the flame and
the structural component. When the structural component is far away from the flame,
the radiation effect can be ignored (%101,

4.3.1 Effects of Flame Radiation on Temperature Elevation of
Un-Protected Steel Structural Components

4.3.1.1 Temperature Elevation of Steel Structural Component

For the steel structural component with a lightweight section, the temperature distri-
bution across the section is uniform. The temperature elevation can be obtained by
lumped differential formulation as

dT;
Os = Vspscsdits (4.52)

To simplify the calculation of heat transferred to the structural component, make
the following assumptions:
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Q; only included the heat from the flame and the hot smoke;

o the temperature of smoke takes its maximum value;

e only a unit length along the longitudinal direction of the structural component is
considered;

e the view factor between the flame and the structural component studied is the

same.

The total heat transferred to the structural component is

Qs = Qgr + er + Qgc (453)

The value of Qg,, Oy, and Q. are determined as follows:
(a) Heat transferred from the smoke to the structural component through radia-
tion '] is
Qo = ,&0F[(T, +273)* — (T, +273)%] (4.54)

(b) Heat transferred from the flame to the structural component through radia-
tion '] is

Qpr = €78 Y. 0L F (1 — €)0[(Ty +273)* — (T, +273)"] (4.55)
i=1

where F!_is the exposure area per unit length on the i-th plate as listed in Table 4.7.
Assume that

n
OsrFir =Y OfFs, (4.56)
i=1
Through substituting Eq.(4.56) into Eq.(4.55), Oy, is rewritten as
Ofr = €165 EF (1 — &) 0[(Ty +273)* — (T, +273)*] (4.57)

where € is the ratio between the surface area of the structural component and the
area exposed to the flame given by

E="2 (4.58)

(c) Heat transferred from the smoke to the structural component through convec-
tion is
Osc = EYOCC(Tg - Tv) (4.59)
In summary, the temperature elevation of the structural component in a large
space building fire can be calculated by

AT,
: = {Fac(Ty, — Ty) + €0 F[(T, +273)* — (T, +273)*]+

£r€0ysEF0((Ty +273)* = (T, +273)*} / (Vipscs)

With the incremental strategy, the temperature of the structural component at the
time step j+ 1 can be calculated through the results at the time step j as

(4.60)

T/H =T 4+ AT, 4.61)
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Table 4.7 Values of B; and 3;

Section type Exposure area

T, T,
e 1 1
| |
Plate 2 | | Plate 3
Plate 3 ! Plate 2 V
|
1
S I

M Plate | Plate 1

A,

Note: the dotted line stands for the radiation exposure area

T,
7
w
5
=
8
&
o
1 |
5
3
o

H

4.3.1.2 Calculation of the View Factor

The view factor ¢y is the portion of heat received by a structural component to the
total heat emitted by the fire flame. There are two possible relative positions between
the structural component surface and the fire flame, which are

(a) the structural component surface parallel to the fire flame surface!!?!, as shown
in Fig.4.8(a). The view factor is calculated through

X Y
1 V/ 2 / 2
¢S/}:£ 1+YX n 1+XY (4.62)
tan( ) tan( )
V14X? 14712
(b) the structural component surface perpendicular to the fire flame surface!'?, as
shown in Fig.4.8(b). The view factor is calculated through
1

1 1 v/ 2

o5 = __VIEX (4.63)

27 | tan(Y)
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where X=A/C and C=H — Hy. H is the height of the structural component above the
surface of the fire flame. H is the height of flame.

Differential area on

Differential area on structural member surface

structural member surface
-

N '
Surface of : C
Surface of fire plume c fire p lun\le :
.\‘l b
v 1
i
5// /

Fig. 4.8 Relative position of structural component surface to the fire plume surface

According to the relative position of a differential area on the i-th plate to the
flame plane at the engineering practice, the view factor (bsi g is calculated through the
following four equations:

(a) If the differential area parallel to the fire flame surface, as: shown in Fig.4.9(a),
¢si g is obtained by

9if =490 (4.64)
(b) If the differential area perpendicular to the fire flame surface, as shown in
Fig.4.9(b), S’f is calculated by
=40 (4.65)
(c) If the differential area parallel to the fire flame surface and beyond the projec-
tion of the fire flame, as shown in Fig.4.9(c), s’f is calculated by

95 = ¢(As+1+11+111) - ¢(}1+111) - ¢3+111) + 011 (4.66)

: : A A A
where X and Y are listed in Table 4.8. ¢(s+1+11+111)’ ¢(11+111)’ ¢(1+111)
calculated through Eq.(4.62).
(d) The differential area perpendicular to the fire flame surface and beyond the
projection of the fire flame, as shown in Fig.4.9(d), ¢, is predicated by

and ¢7}; are

91 = ¢(§+1+11+111) - ¢51+111) - ¢5+m) + 07 (4.67)

where X and Y are listed in Table 4.9. ¢2

B B B
(strvtr-+11r)> Sy Oy @nd iy are
calculated through Eq.(4.63).
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Table 4.8 Values of X and Y
View factor X Y
¢é’+l+ll+lll) (A+a)/C (B+b)/C
¢81+111) a/C (B+b)/b
Oreamn (A+a)/C b/C
¢ﬁ1 a/C b/C

4.3.1.3 Parameters Affecting the View Factor

Parameters that affect values of the view factor include the surface of a fire flame,
the radiation area of the flame, the flame diameter and the flame height.

(a) Surface of a fire flame

The surface of a fire flame is treated as a square for calculating the view factor
and the flame height Hy is assumed as the height of the square (131,

Difterential area on Differential area on structural
structural member surface /° member surtace

Surfaie of fire plume

< LT \\\&xN*w c
LY LY
B NN \
i .."( A w\ “\.\
f - ; 4 A7
oA a 7 7
' i i
(a) (b)
Differential area on Differential area on
structural member surface structural member surface
Fire plume surface : Fire plume surface '
\ s A 7 | oa _/ : F A la P
f ri -
[ / 7
T - X
I 4 Cc
i I
|
1
| I
¥

(©) (d)

Fig. 4.9 Positions of the differential area of a structural component exposed to a fire
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Table 4.9 Values of X and Y
View factor X Y
OC s earmn (A+a)/C (B+b)/C
¢51+111) a/C (B+Db)/b
001 (A+a)/C b/C
¢51 a/C b/C

(b) Radiation area of the flame

The radiation area of the flame is determined by the fire power Q and the heat
release rate g, as

Fr = Q (4.68)
qe

usually g, <500 kW/m?.

(c) Flame diameter

The effective diameter of the flame is calculated by

D=,/ 40 (4.69)
Tqe

where Q is the fire power and ¢, is the heat release rate of per square meter of the
fire.

(d) Height of the flame

According to Zukoski model 14131, the flame height

Hp=0.230"*—1.02D (4.70)

Calculated results of the flame height with different fire powers are listed in Table
4.10.

4.3.1.4 Temperature of the Flame

The fire flame temperature takes the average temperature of the inner and outer flame

as 1/4
T4 1)
Tf:< Lt 2) @71)

2

where 77 and 75 are the temperature of inner flame and outer flame respectively. For
the fiber type combustible material, 7] and 7, are approximately 1273 °C and 813
°C respectively.
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Table 4.10 Height of the flame

D D
Q 2 3 4 5 6 7 @ 5 6 7
1 1.6l 059 - - - - 14 - 436 334
227 .75 073 - - - 15 - 465 3.63
3 - 2.60 1.58 056 - - 16 - 493 391
4 - 329 227 125 023 - 17 - 52 4.18
5 - 388  2.86 1.84 082 - 18 - 546 444
6 - - 338 236 134 032 19 - - 4.7
7 - - 38 284 182 038 20 - - 4.94
8 - - 43 328 226 1.24 21 - - 5.18
9 - - - 3.68  2.66 1.64 22 - - 541
10 - - - 406 3.04 202 23 - - 5.64
11 - - - 441 339 237 24 - - 5.86
12 - - - 475 373 271 25 - - 6.07
13 - - - - 4.05 3.03

4.3.1.5 Blackness Factor

For ash type material combustion or incomplete combustion, the fire flame blackness
factor &7 takes the value of 0.8. For the steel structural component & takes the value
of 0.8. The blackness factor of smoke €, represents its ability to emit energy by
radiation. For the smoke produced by the combustion of fiber type material &, takes
the value of 0.8.

4.3.2 Parametric Study
4.3.2.1 Effects of the View Factor

As indicated by Eq.(4.57), with the increase in view factor, the energy transferred to
the structural component Q, increases. As an example, for the fire of a fast growing
fire type with flame plane area of 3 mx3 m and the heat release rate of 5 MW, effects
of the view factor on the temperature elevation of the structural component is shown
in Fig. 4.10. It clearly shows that with the increase in view factor, the structural
component has a higher temperature [1].

4.3.2.2 Effects of the Maximum Smoke Temperature

With the increase in the maximum smoke temperature ]g“ax the heat transferred to
the structural component by radiation decreases, as stated by Eq.(4.55). The temper-
ature difference T — 7" is studied to illustrate effects of the flame radiation on the
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—a— ¢,=09
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Fig. 4.10 Effects of the view factor on temperature evolution of structural component

temperature elevation of a structural component. 7 is the temperature of structural
component considering effects of the flame radiation and 7’ is otherwise. Effects
of ;" on T — T’ are shown in Fig.4.11. The fire employed for this study is a fast
growing fire with an area of 3 mx3 m and the fire power of from 2 MW to 25 MW.
With the increase in Tgmax, T — T’ decreases, as shown in Fig. 4.11.

T-T (C)
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T.""=200 C
50 N
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)
V)
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20 k- T,"=500 C
T,"*=700 C
10
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0 1 " 1 " 1 " 1 " 1
0 1200 2400 3600 4800 6000 7200
Time (s)

Fig. 4.11 Effects of the maximum smoke temperature
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4.3.2.3 Effects of Exposure Area Factor

The exposure area factor & is the ratio between the area exposed to the total surface
area of the structural component. With the increase in &, T — T’ increase, which
means the effect of the flame radiation on the temperature elevation of a structural
component increases, as shown in Fig. 4.12.

60T —a—£=0.5
3 —o—c=04
50 —a—=03
—v—£=0.25
——=02
5 40 ——£=0.15
530
-
20
10
O- I 1 I 1 I 1 I 1 I 1 I 1
0 1200 2400 3600 4800 6000 7200

Time (s)

Fig. 4.12 Effects of the surface expose area factor

4.3.2.4 Effects of Configuration Factor

Eq.(4.54) and Eq.(4.59) show that the configuration factor of a structural component
F;/Vy affects the value of Qg and Q. greatly. When the temperature of the structural
component is higher than that of the smoke, Q,-<0 and Q;.<0. Fig. 4.13 illustrates
effects of the flame radiation to the temperature elevation of a structural component
with different configuration factors. The fire is a fast growth fire with area of 3 mx3
m and fire power of 5 MW. It can be seen that with the increase of the configuration
factor, the temperature difference T — T’ decreases.

4.3.3 Limit Value of Flame Radiation

According to the Table 3.2.1 of CECS200 5!, if the temperature difference of a struc-
tural component, including and not including effects of the flame radiation, is less
than 20 °C after 1800 s, the heat transferred by radiation can be ignored.

Through examining effects of the view factor, the configuration factor, the ef-
fective area of a structural component exposed to the flame radiation and the flame
temperature, the criteria for ignoring effects of the flame radiation on the temperature
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250 —=— F/V=10
—e— F / V=20
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Fig. 4.13 Effects of the surface exposed area factor

elevation of a structural component is listed in Appendix C based on the analysis of
1,030 cases. If the view factor is less than the value listed in Appendix C, the ef-
fect of the flame radiation on the temperature elevation of a structural component is
ignored!!”].

4.4 Example

Parameters of the studied fire in a large space building are

the fire load of 250 MJ/m?;

the fire power of 5 MW;

the fire increase type of fast growing fire with growth factor o of 0.04689;

the heat release rate g, of 250 kW/m?;

the dimension of the building of 32 m (length)x32 m (width)x 15 m (height);
the dimension of the opening of 10 m (length) <2 m (height) and O m above the
floor;

the configuration factor of the structural component ' /V of 100;

o the effective area to the flame radiation & of 0.2;

e and the fire duration time of 2 h.

Calculate the temperature evolution of a structural component.

Answer:

(a) According to the simplified calculation method for the smoke temperature
in a large space building fire, the maximum smoke temperature 7,"*=170 °C. The
effective fire diameter is



90 4 Temperature Elevations of Structural Steel Components Exposed to Fire

[4%x5x10°

The square dimension of the flame is

/5% 103
= =44 4.
a 750 7m (4.73)
The height of the flame is

Hy =0.23 x 5000%* — 1.02 x 5.05 = 1.79 m (4.74)

The distance of the flame to the structural component surface is
C=15-179=1321m (4.75)

Hence, the view factor is 0.044.

(b) From Appendix C, for 0.044 is less than 0.57, the effect of the flame radiation
on the temperature elevation of structural component is ignored. The temperature
elevation of the structural component is plotted in Fig. 4.14. And the temperature
difference is lower than 20 °C, including and not including the effects of flame radi-
ation.

210

150

120

T (°C)

90

—&— Fire plume radiation induded
—®— Fire plume radiation not induded

30

0 " 1 " 1 " 1 " 1 " 1 " ]
0 1200 2400 3600 4800 6000 7200
Time (s)

Fig. 4.14 Effects of flame radiation on the temperature evolution of a structural component
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5

Fire-Resistance of Isolated Flexural Structural
Components

5.1 Load-bearing Capacity of a Flexural Steel Component at
High Temperatures

5.1.1 Strength of a Flexural Steel Component at High
Temperatures. ..

When one of the following conditions is met, it is thought that the lateral torsional
buckling of a flexural component is prevented and only the yield strength capacity of
the flexural component is checked!!! at high temperatures

e arigid decking (reinforced concrete slab or steel plate) is connected to the com-
pression flange of the flexural component;

e the ratio of unsupported length /; of the compression flange of a simply sup-
ported beam to its width b; does not exceed the value given in Table 5.1.

The bending strength of solid web member bent in its principal plane at high
temperatures!!! is checked by

7 < AT (5.1

5.1.2 Lateral Torsional Buckling Strength of a Flexural Steel
Component at High Temperatures

The bending moment capacity for overall stability of flexural member at ambient and
high temperatures ! is expressed respectively through

T*EI,

My = Clﬁb 2

Cra+Cif + [ (Cra+C [3)2+1—“’ 1+ GLI* (5.2)
2 3 2 3 1 El, .
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Table 5.1 Maximum value of /; /b; allowed to prevent lateral torsional buckling of a flexural
component

Beams without intermediate

Steel lateral support Beams with intermediate
Grade Loading at Loading at lateral support
the upper flange the lower flange
Q235 13.0 20.0 16.0
Q345 10.5 16.5 13.0
Q390 10.0 15.5 12.5
Q420 9.5 15.0 12.0

Note: (a) The maximum /; /b; values of beams made of steel other than Q235 be multiplied by /235/ f,: (b) For beams
not having lateral supports within the span, /; is the span length. For those provided with lateral supports within the /;
span, is the distance between these supports

2
- Erl,
M1 = C1By lzT .

I, 2Erl,

2
Cra+CB + \/(C20+C3ﬂ)2+ lo (1 + GT”)] (53)

where Ci, C; and C3 are parameters related to the load type.
The bending moment capacity at high temperatures can also be expressed as

Mot = QprW fyr (5.4)

Define the ratio of overall stability factor of a flexural steel component at high
temperatures to that at ambient temperature as 0. The partial factor of steel at high
temperature is the same as that at ambient temperature and o can be calculated
through

M
a = Q1 _ chfy (55)
Op Mcrf yT
Assume that the Poisson ratio of steel at high temperature is the same as that at
ambient temperature

Gr G
E E (5.6)
Then Eq.(5.5) can be rewritten as
E )
o = Er 1y 5.7
E fir

Obviously oy depends only on the yield strength and Young’s modulus of steel at
high temperature. For structural steel, values of o, at various temperatures are listed
in Table 5.2.

The overall stability factor of a flexural steel component at high temperatures can
be obtained with o, as
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Table 5.2 Values of o, for a flexural component made of structural steel at elevated tempera-
tures

Temperature (°C) 20 100 150 200 250 300 350 400 450 500
o 1.000 0.980 0.966 0.949 0.929 0.905 0.896 0.917 0.962 1.027

Temperature (°C) 550 600 650 700 750 800 850 900 950 1000
o 1.094 1.101 0.961 0.950 1.011 1.000 0.870 0.769 0.690 0.625

o7 = 0Py (5.8)

The above overall stability factor is obtained through elastic stability theory. If
@p7>0.6, the flexural steel component buckles at plastic state and the overall stability
factor should be modified by

0.282

L =1.07—
Por 0

(5.9)

The overall stability of a flexural steel component at high temperatures is checked by

M
P W

< fir (5.10)

5.1.3 Critical Temperature of a Flexural Steel Component in Fire

With the elevation of temperatures, the load bearing capacity of a structural compo-
nent degrades. The critical temperature of a structural component is the temperature
at which the load bearing capacity of the structural component equals the applied
load effect. For a flexural steel component, the critical temperature can be obtained
through
—— =S (5.11)
PrW
Define the load ratio R as the applied load effect to the load bearing capacity of the
structural component at ambient temperature, i.e.

M
R= —— (5.12)
A
Substituting Eq.(5.11) into Eq.(5.12) gives
/
R= 2Ty, (5.13)

P

Given the overall stability factor of the flexural component at ambient temperature
¢, and the load ratio R, the critical temperature of the flexural component can be
obtained, as listed in Table 5.3.
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Table 5.3 Critical temperature of a flexural steel component (°C)

R A
<0.5 0.6 0.7 0.8 0.9 1

0.3 669 669 672 674 675 676
0.35 650 650 652 653 654 655
0.4 634 634 635 635 636 636
0.45 621 620 620 619 618 618
0.5 610 608 606 604 602 600
0.55 600 596 591 588 585 583
0.6 586 580 575 571 568 565
0.65 569 563 557 553 550 548
0.7 550 543 538 534 532 530
0.75 528 522 517 515 513 511
0.8 500 497 495 494 493 492
0.85 466 466 470 471 472 472
0.9 423 423 441 446 449 450

After obtaining the critical temperature Ty, the thickness of fire protection can be
obtained through

di=5%10" x ki

(5.14)

<|m

T, —2 2
( dt 0+0.2) —0.044

where ¢ is required fire resistance time.

5.1.4 Example

Consider a hot rolled steel beam of section I36b with a span of 5 m

the design strength of steel f=215 MPa;

the surface area per unit length is 1.289 m?/m;

the volume per unit length is 8.364x 1073 m3/m;

the ratio of the surface exposed to fire is 0.8 and the effective fire exposure area
F;=0.8x1.289=1.031 m?/m;

the applied uniformly distributed load ¢ is acting on the upper flange;

the section modulus of the beam W=920.8 cm?;

the overall stability factor of the beam at ambient ¢,=0.73 and

the conductive factor of the fire protection material 4,=0.093 W/(m-°C).

Design the fire resistance of the beam.
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Instance I:

Knowing that the applied uniformly distributed load g=30 kN/m and the fire re-
sistance time of the beam is 2.0 h, find the required thickness of fire protection.

Answer:

(a) The load ratio acting on the beam is

M 1 30 x 5% x 100

QWf  80.73x920.8 x 103 x 215

(b) According to Table 5.3, the critical temperature of the beam is
T, =556.2°C

(c) According to Eq.(5.14), the required fire protection thickness is

Ai F;
di=5x%x107 x P— — Vl
( ": +o.22 —0.044
5 10-5 0.003 1.031
556.2 — 20 2 8.364 x 103
=2 2 102) —0.044
2.0 x 3600
= 18.3 mm

Instance II:

Knowing that the applied uniformly distributed load g=30 kN/m the thickness of
the fire protection d;=25 mm, find the fire resistance time.

Answer:

(a) According to Table 5.3, the critical temperature of the beam is

T; = 556.2°C
(b) The fire resistance of the beam is

T;—20

=
—0.244/5x 1073 x &714_0.044
a4V
556.2-20
o 0.093 1.031
0.0258.364 x 1——3

—0.2+ \/5 x 1073 +0.044

=2.54h

Instance III:

Knowing that the applied uniformly distributed load g=25 kN/m, the thickness of
fire protection is 30 mm and the required fire resistance time #=2.5 h, check whether
the beam can meet the fire resistance requirement.

Answer I: Critical temperature method

(a) According to Eq.(5.13), the load ratio of beam is
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M 1 25 x 52 x 10°

R= == =0.541
QW f  80.73x920.8 x 103 x 215

According to Table 5.3, the critical temperature of the beam is
T; =592.9°C
(b) The parameter of the fire protected beam is

~AF 0093 1.031
T4V 0.03 8364x1073

and the temperature of the steel beam after 2.5 h of fire exposure is

=382.1 W/(m3-°C)

T, = (\/0.044+5 % 105 % 382.1 70.2> % 3 % 3600+ 20 = 573.0 °C

and Ty = 573.0 < T; =592.9

Hence, the protected steel can meet the fire resistance requirement.
Answer II: Load-bearing method
(a) The temperature of the beam after 2.5 h fire exposure is

T, =573.0°C

(b) The reduction factor of the yield strength and Young’s modulus of steel at
temperature 573.0 °C is

hr

Iy
According to Eq.(5.7), the reduction factor of the overall stability factor of the steel
beam at high temperature is

Er fy 1
o= -2 —0580x —— =1.112
"TE fir 0.522

E
—0.522 and fT —=0.580

and
o, =1.112x0.73=0.812> 0.6

The beam will buckle in a plastic state. The overall stability factor should be modified

as
0.282
L 107- 22820
Por = 1.07 = 5515 = 0723

(c) The bending moment capacity of the beam at high temperature is
M1 = QW fyr = 0.723 x 920.8 x 103 0.522 x 1.1 x215x 107 =82.2kN-m

(d) Check M., 7 > M.
The applied bending moment is

1 1
M:§q12:§><25><52:78.1kN-m

and
Mch 2 M

Hence, the beam can meet the fire resistance requirement.
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5.2 Fire-resistance of Flexural Steel-Concrete Composite
Components

Composite members exhibit enhanced strength and stiffness when compared to the
contribution of their components acting separately. However, the steel component
in a steel-concrete composite beam is sensitive to fire due to its strength and elastic
modules will be reduced quickly when exposed to fire.

Six full-scale composite structural experiments were carried out by BRE in Card-
ington >34, Wang P! firstly conducted a 2-D model analysis on the composite beams
in the Cardington test and a further theoretical study by Wang®! indicated the impor-
tance of the tensile membrane action in maintaining the robustness of the composite
slab. Rose et al.[”! using the 3D model simulation showed a good match between
predicted and test deflections for the beam test, the plane frame test and the BRE
corner test in the Cardington test.

Wang 81 had also presented a novel way to significantly reduce the fire protection
cost to a composite beam and only the steel lower flange and a fraction of the steel
web are protected. Nadjai et al.[°! described an experimental and numerical study at
both ambient and elevated temperatures on the behavior of full-scale composite steel
beams.

A procedure for finite element thermal analysis of composite steel and concrete
beams was described and implemented by Fakury!!] in a finite element based com-
puter program. Benedettial'!! presented an analytical procedure for the incremental
thermal mechanical solution of simply supported composite beams.

The required fire protection to a steel component is traditionally determined
based on results of standard fire tests. At present, analytical methods proposed in
BS 5950 Part 8/1%! or Eurocode 4 Part 1.2113] may also be used. In the CECS200!!,
an analytical method is also provided to check the load bearing capacity of steel-
concrete composite beams in fire.

5.2.1 Material Properties and Temperature Calculation of a
Composite Beam

The strength reduction factor of concrete at elevated temperatures proposed in
EC4 3] may be used for this study. A fitting formula to calculate the reduction factor
for concrete strength at elevated temperatures is given as

Je
T, —569
157

ch =

(5.15)
1 +exp( )

The average temperature of concrete slabs subjected to standard fire can be ob-
tained from Table 5.4 given in CECS200!!1.

The temperature of H-shaped steel beam consisting of a steel-concrete composite
beam subjected to a standard fire can be obtained by dividing the steel beam into two
parts, i.e. the upper flange which is exposed to the fire with three sides and the inverse
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Table 5.4 Average temperatures in concrete slabs subjected to a standard fire (°C)

Depth of slab Fire duration (min)

(mm) 30 60 90 100
<50 405 635 805 910
> 100 265 400 510 600

T shape part including the web and lower flange which is exposed to the fire with all
sides, as shown in Fig. 5.1. According to the section factor, the temperature of the
steel part can be obtained from the Table 5.5 in CECS200!!.

I N F T A
ey W e

B T o

Fig. 5.1 Simplified model for determining the temperature of a steel beam

5.2.2 Strength of a Composite Beam at High Temperature
The load bearing capacity of a composite beam in a fire is checked byl
M<M! (5.16)

where
(a) for a simply-supported composite beam

MI = My (5.17)
and (b) for a fixedly-supported composite beam
MI = My 4+ My, (5.18)

A plastic approach using the yielding strength distribution over the cross section
of the composite beam can be employed to determine the positive and negative mo-
ment bearing capacity. The yield stress of concrete and steel of a composite beam in
a fire can be obtained through Eq.(5.16) when the temperature of the concrete slab
and steel beam is determined.
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Table 5.5 Temperature of a bare steel members exposed to the ISO834 Standard fire (°C)

Time T, Section factor F/V (m™!)
(min) (°C) 10 20 30 40 50 100 150 200 250 300

0 20 20 20 20 20 20 20 20 20 20 20
5 576 32 44 56 67 78 133 183 229 271 309
10 678 54 86 118 148 178 311 416 496 552 590
15 739 81 138 193 246 295 491 609 669 697 711
20 781 112 197 277 350 416 638 724 752 763 767
25 815 146 261 365 456 533 737 786 798 802 805
30 842 182 327 453 556 636 799 824 830 833 834
35 865 221 396 538 646 721 838 852 856 858 859
40 885 261 464 618 723 787 866 874 877 879 880
45 902 302 531 690 785 835 888 893 896 897 898
50 918 345 595 752 834 871 906 911 913 914 915
55 932 388 655 805 871 898 922 926 928 929 929
60 945 432 711 848 900 919 936 940 941 942 943
65 957 475 762 883 923 936 949 952 954 954 955
70 968 518 807 911 941 951 961 964 965 966 966
75 979 561 846 933 956 963 972 974 976 976 977
80 988 603 880 952 969 975 982 984 986 986 987
85 997 643 908 968 981 985 992 994 995 995 996
90 1006 683 933 981 991 995 1001 1003 1004 1004 1004

5.2.3 Critical Temperature of a Composite Beam

Define the load ratio as

R= M, (5.19)
where M,, is the ultimate moment capacity of a composite beam at normal tempera-
ture.

According to the required fire duration of a composite beam, the temperature of
the concrete slab 7, can be obtained through Table 5.4. Given an initial exposure
time of the steel beam (usually 10 min), the temperature of the steel beam is ob-
tained with Table 5.5. Then the ultimate moment capacity of the composite beam at
elevated temperature M! is obtained at the given temperature. If M! is larger than
M, then increase the fire exposure time until the temperature of lower flange reaches
a temperature T, at which M! is equal to M. Fig. 5.2 shows the flowchart of steps
associated with the determination of the critical temperature calculation.
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Input
member dimension & initial load

%

‘ Calculate load effect M, ‘

f

Given
an initial fire exposure time

l

Increase
the fire exposure time by ™~
a time increment

f

Calculate
concrete slab temperature &
steel beam temperature

Calculate ultimate
moment bearing capacity
at elevated temperature
M,

¢

No

Output
critical temperature & critical time

Fig. 5.2 Flow chart showing steps associated with the critical temperature calculation

5.2.4 Parametric Study

In order to investigate parameters affecting the critical temperature of a composite
beam, parametric studies are carried out. Parameters include the composite beam
dimension, the strength of concrete and steel, the slab depth, the effective width
of the concrete slab and the required fire duration. The analyzed composite beam
is shown in Fig. 5.3. The rib height of the steel deck is 75 mm. The thickness of
concrete slab is within the range of 50 mm to 100 mm and the effective width of the
concrete slab is from 1200 mm to 1800 mm. The required fire duration is often 30
min, 60 min, 90 min or 120 min.
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Fig. 5.3 Dimension of the composite slab (mm)

5.2.4.1 Dimension of the Composite Beam

Critical temperatures of composite beams with six sets of dimensions are calculated
at different load levels with a fixed fire duration of 60 min. Results are plotted in Fig.
5.4. The slab depth and effective width of concrete slab are 80 mm and 1500 mm
respectively, the steel and concrete grades are Q235 and C35 respectively.

From Fig. 5.4, it is shown that the steel beam dimension has little influence on
the critical temperature of a composite beam simply or fix-ended.

5.2.4.2 Strength of the Concrete and Steel

Critical temperatures of composite beams with various grades of steel and concrete
are analyzed at different load levels. Analyzed results are plotted in Fig. 5.5 and Fig.
5.6. The studied steel beam is H 350x 175x7x 11 with the fire duration of 60 min
and the slab depth and effective width of 80 mm and 1500 mm respectively.

From Fig. 5.5 and Fig. 5.6, it is observed that the grade of steel and concrete
has little influence on the critical temperature of both pin- and fix-ended composite
beams.

5.2.4.3 Depth of the Concrete Slab

Critical temperatures of composite beams with different depth of slabs are analyzed
at various load levels and plotted in Fig. 5.7. The steel beam is H 350x175x7x 11
with the effective width of slab of 1500 mm and the steel and concrete grades of
Q235 and C35 respectively fire duration of 60 min.

Fig. 5.7 clearly shows that the depth of concrete slab has a significant influence
on critical temperatures of both pin- and fix-ended composite beams. At a given load
level, the composite slab with a thicker slab has a higher critical temperature.

5.2.4.4 Effective Width of the Concrete Slab

Critical temperatures of composite beams with different effective slab width are ana-
lyzed at various load levels and plotted in Fig. 5.8. The steel beam is
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Fig. 5.4 Influence of the steel beam dimension on critical temperatures of composite beams
with various load levels

H 350x175x7x11 with the depth of slab of 80 mm and the steel and concrete grades
of Q235 and C35 respectively fire duration of 60 min.

The effective slab width has little influence on the critical temperature of com-
posite beams at low load levels. At high load level, the composite beam with the
larger effective width has a higher critical temperature as shown in Fig. 5.8.

5.2.4.5 Fire Duration of Composite Beams

Critical temperatures of composite beams in different fire durations are analyzed at
various load levels and plotted in Fig. 5.9. The steel beam is H 350x 175x7x 11 with
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(a) Critical temperatures of simply supported composite beams
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(b) Critical temperatures of fix-ended composite beams

Fig. 5.5 Influence of the steel strength on critical temperatures of composite beams at various
load levels

the depth and effective width of slab of 80 mm and 1500 mm respectively and the
steel and concrete grades of Q235 and C35 respectively.

Fig. 5.9 shows that the required fire duration has great influence on the critical
temperature of a composite beam. For a simply supported composite beam with fire

exposure time less than 60 min, the fire duration has little influence on the critical
temperature.
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Fig. 5.6 Influence of the concrete strength on critical temperatures of composite beams at
various load levels

5.2.5 Simplified Approach for the Fire Resistance Design of
Composite Beams

5.2.5.1 Critical Temperature

Parametric studies showed that only the slab depth and the required fire duration have
great influence on the critical temperature of a composite beam. The critical temper-
ature of composite beams with various depth of slab and fire duration at various load
level for pin-ended and fix-ended composite beams are listed in Table D-1 and D-2
in Appendix D.
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Fig. 5.7 Influence of the slab depth on critical temperatures of composite beams at various
load levels

5.2.5.2 Determination of the Fire Protection Thickness

The temperature of a steel component with fire protection is calculated by

T, = (\/0.044+5 x 1075B —0.2)r 420 (5.20)
where B is the comprehensive coefficient of heat conductivity given by

Ai F
B=

=—— 5.21
4V (5:21)

The thickness of fire protection is obtained through
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Fig. 5.8 Influence of the effective slab width on critical temperatures of composite beams at
various load levels

5% 10794 F

4="7%
t

(5.22)

( 4+02)-0.044"

5.2.6 Example and Comparison

An example is presented to demonstrate the application of the fire resistance design
procedure for composite beams, and comparisons are made between the CECS200!!!
and the simplified approach proposed.
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Fig. 5.9 Influence of the fire durations on critical temperatures of the composite beams at

various load levels

5.2.6.1 Composite Beam Studied

The depth and effective width of the concrete slab are 100 mm and 1500 mm with
concrete grade C30 respectively. The steel deck is GH-344 and the rib height is 76
mm with the steel grade of Q235. The span of the composite beam is 4 m. The design
load is 90 kN/m and fire duration requirement is 90 min. The heat conductivity of
the fire protection is 0.1 W/(m-°C).
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5.2.6.2 Code Approach
The moment at the beam middle span

2 42
oy 4P 90

= 180kN-
s m

Assume that the depth of fire protection is 19 mm. Then the temperature of the upper
flange of the steel beam with fire protection is 385 °C and that of the lower flange
and web is 648 °C. Thus the ultimate moment resistance capacity is obtained as 196
kN-m, which is larger than M. The fire protection thickness may be adopted as 19
mm.

5.2.6.3 Proposed Simplified Approach

According to CECS200M, the ultimate moment bearing capacity is 452 kN-m, and
then the load level is 0.4 determined by Eq.(5.19). And according to Table D-1, the
critical temperature of the composite beam is 654 °C.

The fire protection thickness is 19.4 mm determined through Eq.(5.22).

5.2.6.4 Comparison between Code and Simplified Approach

Although the fire protection thickness determined through the code and the simpli-
fied approaches nearly equal each other, the simplified approach is much easier for
application. In the simplified approach, we do not need to calculate the ultimate mo-
ment bearing capacity of a composite beams in a fire, which is difficult and complex
for engineers.

5.2.7 Experimental Validation

The simplified approach is validated by an experiment conducted by Zhou!'* on a
full-scale simply-supported composite beam with the load level of 0.7. The width
and depth of the concrete slab is 1350 mm and 100 mm respectively with the grade
of C30. The steel beam is H 300x 150 x 8 x 8 with the grade of Q235B.

The test set-up and failure of the composite beam are shown in Fig. 5.10 and Fig.
5.11 respectively. The deflection of the composite beam at mid-span is shown in Fig.
5.12. Measured temperatures of steel beam in section 2-2 and 3-3 are shown in Fig.
5.13 and Fig. 5.14 respectively. The deflection at mid-span increases rapidly after
the composite beam is exposed to the fire for 40 min. Hence the critical temperature
of the composite beam is about 500 °C taking the average temperature of the lower
flange and the web of the steel beam at 40 min of fire exposure.
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Fig. 5.10 Test set-up (mm)

Fig. 5.11 Failure of the composite beam
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Fig. 5.12 Measured deflections at the mid-span of the composite beam
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Fig. 5.13 Measured temperatures of the composite beam across section 2-2
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Fig. 5.14 Measured temperatures of the composite beam across section 3-3
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6

Fire-Resistance of Isolated Compressed Steel
Components

The objective of this chapter is to describe how fire resistance and design calculation
is carried out for isolated steel columns. Herein below, the approach provided by the
CECS200!! is adopted as the main source of information for the objects.

6.1 Fire Resistance of Axially Compressed Steel Components

6.1.1 Load Bearing Capacity of Axially Compressed Steel
Components

6.1.1.1 Assumption

For calculating the buckling resistance of an axially compressed steel component in
a fire, the following assumptions >3/ are adopted:

o the steel component is subjected to ISO834!*! standard fire;

e the temperature distributions across the section and along the component are
both uniform,;

e the yield strength reduction factor of steel at high temperatures described in
CECS200! is adopted;

o the distribution of residual stress over cross-section at high temperatures is the
same as that recommended for ambient design 3.

6.1.1.2 Critical Stress of an Axially Compressed Structural Component at High
Temperatures

When calculating the critical stress of an axially compressed structural component,
the initial geometric imperfection of the component is [©!

Yo = &sin(?) (6.1)
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Fig. 6.1 Mechanical model of an axially compressed component

where &y is the maximum initial deflection of the component, as shown in Fig. 6.1.

The overall stability factor of the axially compressed component at elevated temper-

atures is obtained through using the same approach as that at ambient temperature.
Under the axial load N, the lateral deflection of the component 71 is

X
_ _ Gin( = 6.2
Yo l—N/NErsm(l) (6.2)
and
Ner = OgrA (6.3)
m°E
Orr = Tf (6.4)

The maximum deflection of the component is

‘Smax = y|x:l/2 = (6.5)

1—N/Ner

The additional bending moment!®! at the middle of the component due to the second
order effect is

So the maximum stress in the column section is
NOmax N
o= — 6.7
W + n 6.7)

where W is the section modulus. Substituting Eq.(6.3) into Eq.(6.5) gives

L

N w
Tl ! 6.8)

ACgT
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Let
QA
W
where ¢ is called as the initial eccentricity ratio that is independent of the tempera-
ture variation.
The ultimate buckling limit of the component is defined when the steel yield in
the component section [*) is

eo (6.9)

€0
1 _ GerT
OET

OurT +1|=Ar (6.10)

where o,,7 is the critical nominal compressive stress of the component at high tem-

peratures and defined by
Nch

A
Through solving Eq.(6.10), o, is obtained as

Ocrr = (6 1)

1
ot = 5 {(1 +e0)0ET + fir — \/[(1 +e0)OET +fyT]2 4fyTGET} (6.12)

If ogr and fy7 take values at ambient temperature respectively, Eq.(6.9) gives the
critical stress at ambient temperature as

1
Oort = 5 {(1 +e0)0E + fy — \/[(1 +e0)0E + fy]? —4fyGE} (6.13)
For determining o, and o,,7, the initial eccentricity of the component described by
the China Steel Structural Design Code ™! is employed as
(a) for the section type A B

eo=0.152A4 —0.014 (6.14)

(b) for the section type B B
eo = 0.34 —0.035 (6.15)

(c) for the section type C

o {0-5954-0.094 .if 2 > 1.05 6.16)
~ 1 0.3024 +0.216 , if 1 < 1.05 '
(d) for the section type D
091524 —0.132 ,if A > 1.05
‘= { 0.4321 40375 ,if 1 < 1.05 ©.17)

where

_ AL
A_H\E (6.18)
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6.1.1.3 Overall Stability Factor of an Axially Compressed Component

The critical stress of an axially compressed component at high temperatures and
ambient temperature can be expressed as !0

Ot = Q1 fyr (6.19)
and
Cor = 0y (6.20)
From Eq.(6.20) and Eq.(6.20), the modified factor of the overall stability factor
at high temperature is introduced as
_¢r _ Ourlfy
B ¢ B Gcrf yT

The value of o, relevant to the temperature and slenderness ratio of the component
is listed in Table 6.1,

A

6.21)

Table 6.1 Modified factor of the overall stability factor o, of an axially compressed column

Temperature Slenderness 4 \/JW

(°C) 10 50 100 150 200 250
100 1.000 0.999 0.992 0.986 0.984 0.983
150 1.000 0.998 0.985 0.976 0.972 0.971
200 1.000 0.997 0.978 0.964 0.958 0.956
250 0.999 0.996 0.968 0.949 0.942 0.938
300 0.999 0.994 0.957 0.931 0.921 0.917
350 0.999 0.994 0.952 0.924 0914 0.909
400 0.999 0.995 0.963 0.940 0.931 0.928
450 1.000 0.998 0.984 0.973 0.969 0.968
500 1.000 1.002 1.011 1.019 1.022 1.023
550 1.001 1.004 1.036 1.064 1.075 1.080
600 1.001 1.005 1.039 1.069 1.080 1.086
650 1.000 0.998 0.983 0.972 0.968 0.966
700 1.000 0.997 0.978 0.964 0.959 0.957
750 1.000 1.001 1.005 1.008 1.009 1.010
800 1.000 1.000 1.000 1.000 1.000 1.000

6.1.1.4 Load Bearing Capacity of an Axially Compressed Component at High
Temperature

The load bearing capacity of an axially compressed component at high temperatures
can be checked with!!}
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N
oA < hr (6.22)

6.1.2 Critical Temperature of an Axially Compressed Component

The critical temperature of the axially compressed steel component is the tempera-
ture at which the applied axial force equals the load bearing capacity of the compo-
nent. It is obtained by solving

= 6.23
oA nrrf (6.23)
Rewrite the above equation as
N
PYY; = YRONT (6.24)
and define N
= — (6.25)
OfA

R is called the load ratio of the axially compressed component. Given the load ratio
and slenderness of the column, the critical temperature can then be obtained through
solving Eq.(6.24). For the convenience of engineering application, the critical tem-
peratures of the axially compressed steel component with various load ratios and
slenderness are listed in Table 6.2,

When the critical temperature of the component is obtained, the thickness of fire
protection is obtained as

A F

di=5%x107° (6.26)

T, —2 2
< "t 0+0.2) —0.044

6.1.3 Example

A H-section steel column is studied with

the cross section area of 21.52x 10> mm? made of Q235 steel;

the section type of b;

the buckling length around the x- and y-axis both of 8.0 m;

the radius of gyration 7,=217.6 mm and r,=99.6 mm, respectively;

the slenderness ratio 1,=36.8 and 1,=80.3;

the overall stability factor at ambient temperature ¢=0.688;

the yield strength of steel at ambient temperature of 235 MPa;

parameters of the fire protection material 4;=0.1 W/(m-K), p;=680 kg/m* and
¢;i= 1000 J/(kg-K), and

e the section factor F;/V=59.7 m~!.



120 6 Fire-Resistance of Isolated Compressed Steel Components

Table 6.2 Critical temperature T, of an axially compressed steel column (°C)

Load ratio Slenderness 4 \/m

R <50 100 150 =200
0.3 676 674 672 672
0.35 655 653 652 651
0.4 636 636 636 636
0.45 618 620 622 622
0.5 600 605 608 609
0.55 582 589 594 596
0.6 565 571 577 579
0.65 547 554 560 562
0.7 529 535 542 545
0.75 511 515 520 522
0.8 492 494 496 497
0.85 472 471 469 468
0.9 451 444 437 433

Perform the fire resistance design of the column.

Case I: The design axial force is 2400 kN and the fire resistance requirement is
2.5 h. Find the thickness of fire protection.

Answer:

(a) The load ratio of the column is

R N 2400 x 10°
 @fA  0.688 x21.52x 103 x 215

Through Table 6.2, the critical temperature of the column 7;=511.8 °C.
(b) The thickness of fire protection is

=0.754

A F
di =5x107° —— L i
< ": +0.2> —0.044
1
=5%x107%x - 200 5 x59.7
T T 40.2) —0.044
(2.5 3600 )
= 14.2 mm
On the other hand,
_ picidiki
dgs(fsvlooo 0.0143
_ X O X A 59,7
7850 x 600

=0.123<0.5
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The fire protection is lightweight fire protection and the thickness solved is accepted.
Case II: The applied axial load is 2000 kN and the thickness of fire protection
is d;=25 mm. Find the fire resistance time of the column.
Answer:
(a) According to Eq.(6.25), the load ratio of the column is

re N _ 2000 x 10°
C QfA 0.688x21.52x 10% x 215

=0.628

And based on Table 6.2, the critical temperature of the column is
T, =558.9°C
(b) The fire resistance time is calculated through
T, —20

A F;
—-0.2 5x1075= = +0.044
#yfsx 050

558.9 20

=

0.1
~0.2 1075 x % 59.7+0.044
0 +\/5x 073 x 505 % 59.7+0.0
=3.50h

Case I1I: The applied axial force is 2700 kN, the fire protection thickness d;=18
mm and fire resistance time is 3 h. Check whether the column satisfies the fire resis-
tance requirement.

Answer I: Using critical temperature method

(a) According to Eq.(6.25), the load ratio of the column is

N 2700 x 103

R= = =0.848
©fA  0.688 x21.52x 103 x 215

And based on Table 6.2, the critical temperature of the column is
T; =472.3°C
(b) The parameter B of the studied column is

ME 01

== %59.7=331.7W/(m>-°C
4V 0018 " (m™-"C)

And the column temperature after 3 h fire exposure is

T, = (\/0.044—1—5 <1058 —0.2) % 3 % 3600+ 20
_S18.3°C > T —472.3°C

The column does not satisfy the fire resistance requirement.
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Answer II: Using Load bearing capacity method
(a) The temperature of the column after 3h fire exposure is

T, =518.3°C
(b) According to Table 6.1, the reduction factor of the overall stability factor is
a.=1.013
The overall stability factor at the high temperature is
or = o0 =1.013 x 0.688 = 0.697
And the reduction factor of steel at temperature 7 is

Nr =124 x 107873 —2.096 x 107572 +9.228 x 10737, — 0.2168
= 0.662

The load bearing capacity of the column at temperature 7 is

Ner = oryrnr fA
=0.697 x 21.52 x 103 x 0.662 x 1.1 x 215 x 1073
= 2348 kN

obviously
Ngr <N

The column does not satisfy the fire resistance requirement.

6.2 Design Method for a Structural Component under the
Combined Axial Force and Bending Moment

6.2.1 Stability of a Structural Component under the Combined
Axial Force and Bending Moment

According to the China Steel Structure Design Codel®!, both the overall stability
of the component around the major and minus axis should be checked at ambient
temperature by

(a) when bending around the major axis (x-axis)

N + ﬁmex . + n BII )’My
(PxA %Wx(l - 0~8N/NEx) (pbyWy

<f (6.27)

and (b) when bending around the minor axis (y-axis)

i ﬁlxMx BmyM y

+1 +
oA oW pWy(1-0.8N/Ng,)

<f (6.28)
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Similarly, the load bearing capacity of the component under the combined axial
force and bending moment at elevated temperatures is checked with?!
(a) when bending around the major axis (x-axis)

N Bmex BtyM y

4 + < (6.29)
pirA W1 08N/Npy) oWy, <07
and (b) when bending around the minor axis (y-axis)
N M iy M,
gl Pl p, (630)
OrA oW BWy(1—0.8N/Npr)

where . is the modified factor of overall stability factor of axially compressed com-
ponent at elevated temperatures as listed in Table 6.1.

6.2.2 Cross-Sectional Strength of the Structural Component under
the Combined Axial Force and Bending Moment at Elevated
Temperatures

The cross-sectional strength of a structural component subjected to the combined
axial force and bending moment at high temperatures is checked by
Ny M | M

Ap %Can ?/yWny

<Nrf (6.31)

6.2.3 Critical Temperature of the Structural Component Subjected
to the Combined Axial Force and Bending Moment

Define the load ratio of a structural component subjected to the combined axial force
and bending moment as
(a) for bending around the x-axis

1 i N Bmer ﬁtyMy ]
R.— — + x + (6.32)
T oA T w1 08N/NE) oW |
and (b) for bending around the y-axis
Y M, M ]
Ry=—|— +n ﬁt/x x BinyMy . (6.33)
oA Mo W T pw(1—08N/Ng,)
Define the eccentricity of the component when bending around the x-axis as
e —_ ﬁmex (p.XA
Ty W.(1—0.8N/N.) N
(6.34)
- N BiyMy @A
€x2 =

(P//Jy WV N
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The applied axial force on the column bending around x-axis can then be expressed
by Ry, ey1 and ey, as

R A
= L (6.35)
L +ex +ex
With using Eqgs. (6.31), (6.33), (6.34) and (6.35), Eq.(6.29) is rewritten as
R, o 1—0.8N/Nj,. ®py
—_— + + — | = 6.36
1+en +en ((pr T8N /Ny | g, ) TR (6:36)

Given A, ey, ex2 and Ry, the critical temperature of the component Ty, when
bending around x-axis is obtained through Eq.(6.36). Calculated results are listed in
Table E-1 in Appendix E.

Similarly, when the component bends around the y-axis,the eccentricity is calcu-
lated through

oo BuMy  gA
T W,(1-0.8N/N,) N
(6.37)
_ NBuM; ¢,A
€= —3 Ve
oW N

The applied axial force on the column bending around y-axis can then be ex-
pressed by Ry, ey1 and ey
Ryo,fA
= BnsAd (6.38)
L +eyi+ey

Eq.(6.30) is rewritten as

R, ? 1—-0.8N/Ng, (o
. R C =~ +tey = (6.39)
1+ey +ey (%T " —0.8N/Ng,r 2 Pper ik

Given Ay, ey, ey» and R, the critical temperature of column 7}, when bends around
y-axis is obtained by Eq.(6.39). Results obtained are also listed in Table E-1 in Ap-
pendix E!.

If the column fails due to the compressive yield failure, the critical temperature
should be calculated with the cross-sectional strength criteria. Define the load ratio

as
Ro L (Ni M, | M, ) (6.40)
f An /y)anx %rWny
Given load ratio R, the critical temperature Ty is obtained through Eq.(6.31), which
is listed Table 6.3[11,
The critical temperature of the component takes the minimum value of Ty, Ty,
and Ty as

Ty = min{Tyy, Ty, Tao } (6.41)
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Table 6.3 Critical temperature of a steel column subjected to the combined axial force and
bending moment fails by compressed squash T (°C)

R

0.30 0.35 040 045 050 055 0.60 0.65 0.70 0.75 0.80 0.85 0.90

Ty

676 656 636 617 599 582 564 546 528 510 492 472 452

6.2.4 Example

A H-section steel column with

the cross section area of 21.52x 103 mm? made of Q235 steel;

the section type of type b;

the section modulus W,=3973 cm?;

the slenderness ratio of the column 24,=55.0 and 1,=70.0;

the overall stability factors ¢,=0.833 and ¢,=0.751;

the yield strength of steel at ambient temperature of 235 MPa;

the applied axial force and bending moment N=1080 kN and M,=248.5 kN-m;
the equivalent moment factor f3,,,=;=1.0;

the conduction factor of fire protection material A,=0.09 W/(m-K);
the density of fire protection material p;=680 kg/m?;

the specific heat of fire protection material of 1000 J/(kg-K) and
the section factor of F;/V=128.7 m~!.

Perform the fire resistance design of the column.

Case I: The fire resistance requirement of the column is 3 h. Find the thickness

of the fire protection.

Answer:
(a) According to Eq.(6.40), the load ratio R is
1
S
F LA YW
_ 1 [1080x10° L 2485x 10°
- 215 21600 1.05 x 4973 x 103
=0.454

According to Table 6.3, the critical temperature due to compressive squash 7;,=615.6

°C.

(b) Determine R,, ¢, and e, as
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TEA  3.14%2 x 2.05 x 10° x 21600

N, = = =1.313x 10’ N
Ex T 1172 1.1 x 552 .
1[N B
R, =- .
fleA v We(l1—-08N/Ng,)
_ 1 [ 1080x10° N 1.0 x 248.5 x 10°
215 [0.8xx x 21600 1.05 x 4973 x 103 x (1 —0.8 x 1080/13130)
=0.516
e —_ Bmex (pr
1T W, (1—0.8N/N.) N
B 1.0 248.5 x 10°  0:833 % 21600
~ 1.05x 4973 x 103 x (1 —0.8 x 1080/13130) = 1080 x 103
=0.849
€y =0

According to Table E-1 in Appendix E, the critical temperature of the column buck-
ling around x-axis is

T, = 588.9 °C
(c) Calculate Ry, ey1 and e\ as
Az £
@, =1.07— — Eia
* 44090 235
70~ 235

= 107~ 22000 235
959

1 M
R}-:|:N—|- Bt/x xil
fleA 0, Wy
_ 1 [ 1080x10° 10 102485 10°
215 0751 x 21600 " 0.959 x 4973 x 103
=0.552
eyl = 0
_ NBuM; ¢,A
€2 = —3 N
(pbxWx N

1.0 x 1.0 x 248.5 x 10° 0.751 x 216000
0.959 x 4973 x 103 1080 x 103
=0.783
According to Table E-1 in appendix E, the critical temperature for the column
buckling around y-axis is

Ty =577.6 °C
(d) The critical temperature of the column is
Td = min{de, Tdya TdO} =577.6°C

The required thickness of fire protection is
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A F;
di =5x1077 P 7 —0.0445
( "; +0.2)
0.09 2.78
=5x%x107° x —0.044
577.6720+02 2 0.0216
3.0x 3600 '

= 30mm

Case II: The thickness of fire protection d;=20 mm and fire resistance require-
ment #=2.5 h. Check whether the column can satisfy the fire resistance requirement.

Answer I: With the load bearing capacity method

(a) The parameter B of the studied column is

_ﬁﬁ_awxzm
T4V 0.027 0.0216

=579.2 W/(m3-°C)

and the temperature of the column after 2.5h fire exposure is

T, = (v/0.044 +5 x 1075B)r 420
= (v0.044+5 x 1075 x 579.2) x 2.5 x 3600 +20
=651 °C

(b) The yield strength reduction factor of the steel at temperature 7y is

nr = 1.24 x 107373 —2.096 x 107572 +9.228 x 10737, — 0.2168
=124x 1078 x 6513 —2.096 x 107> x 6512 49.228 x 1073 x 651 — 0.2168
=0.329

Check the cross-section strength of the column as

oo N M. _ 1080 103 L 2485x 10°
A, ¥ W 21600 1.05 x 4973 x 103
= 97.6 N/mm?

>Nryef = 0.329 x 1.1 x 215 = 77.8 N/mm?

and it is accepted.
(c) The yield strength reduction factor of steel at the temperature 7y is

Nr = 1.24 x 107873 —2.096 x 10772 +9.228 x 10737, — 0.2168
=1.24x 1078 x651% —2.096 x 107> x 6512 49.228 x 103 x 651 — 0.2168
=0.329

The elastic modulus reduction factor of steel at the temperature Ty is

~ 10007, 1000 —651
T 6T,—2800  6x651 —2800

T E = 6.469 x 10* N/mm?

and
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T ErA
1A
3147 % 6.469 x 10* x 21600

1.1 x 552
=4.145x 10° N

! —
NEXT -

The overall stability reduction factor of the column under axial compressed load is
o, =0.997
And the overall stability factor of the column is
Q7 = 0 =0.997 x 0.833 = 0.831

The load bearing capacity of the column bending around x-axis is

GT — N + ﬁmex
o7A B We(1—0.8N/Nj 1)
~ 1080 % 10° 1.0 x 248.5 x 10°
T 0.831x21600 | 1.05 %4973 x 10° x (1 — 0.8 x 1080/4145)
= 120.29 N/mm?

> nrwf =0.329 x 1.1 x 215 = 77.8 N/mm>

which is accepted.
(d) According to Table 6.1, the reduction factor for the overall stability factor of
an axially compressed column is

o, =0.992
And the overall stability factor at high temperature is
Oy = 0@y = 0.992 X 0.751 = 0.745

The lateral torsional stability factor of a bending component at ambient temperature

1S
A2, 70> 235

XX —1.07- — =0
44000 235 44000 < 235 ~ 9%

The reduction factor for the lateral torsional stability factor of the bending component
is

Qpy = 1.07 —

o, = 0.961

and the lateral torsional stability factor of the bending component at high temperature
is
o Ppy = 0.961 X 0.959 =0.992 > 0.6

which means the column buckles plastically. The lateral torsional stability factor
should be modified as

282 282
0.28 107 0.28

.07 — =0.855
O, Ppx 0.922

(pl/)xT =1.07—
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The check equation for the overall stability of the column at high temperature bend-
ing around y-axis is

o N +n BexM

T p—
(PyTA (p[/)xTWx
1080 % 10° 10 102485 10°
T 0.745%x 21600 ¢ 7 0.855 x 4973 x 103
=119.5 N/mm?

> Nryrf = 0.329 x 1.1 x 215 = 77.8 N/mm?

which is not accepted. The columns will fail by lateral torsionally buckling around
y-axis.

Answer II: With critical temperature method
(a) The temperature of the column after 2.5 h fire exposure

T, =651°C
(b) The critical temperature of the column
T, =577.6°C

(c) Obviously,
I, > 1y

The fire resistance of the column is not satisfied.
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7

Fire-Resistance of Restrained Flexural Steel
Components

7.1 Fire-Resistance of a Restrained Steel Beam

Before 1990, research on fire-resistance of steel structures was mainly focused on
isolated members. In 1990, a fire occurred in a partly completed 14-storey office
building at Broadgate in London!!?). The investigation after the fire showed that be-
havior of a beam was strongly influenced by the restraint provided by the surrounding
structural components. Although the possible beneficial effects of the catenary action
of the beam or the membrane action of the composite slab were not evident because
relatively low steel temperatures less than 600 °C were reached during the fire, in-
teractions between different structural members in a completed structure subjected
to a fire drew the attention of researchers. In 1996, a program of full-scale fire tests
was completed on an eight-storey steel-framed building in the UK at Cardington
Laboratory, to investigate the behavior of a real steel framed structure under real fire
conditions. The typical “runaway” failure of an isolated steel beam in the standard
fire test did not occur to the steel frame beam, even though the temperature of the
bottom flange of the beam had exceeded 800 °C, which indicted that a steel beam
in a framed structure, with the aid of restraint from surrounding members, has bet-
ter fire-resistant capability than an individual steel beam 33671 The local buckling
of the bottom flange occurred near the beam-to-column connection during heating,
because of tremendous compression stress at this place resulting from the restrained
thermal expansion. Damage of beam-to-column connections was also observed due
to thermal contraction of the beam during cooling 32101112131 45 shown in Fig. 7.1.

It is necessary to carry out additional experiments to obtain more detailed under-
standing of behavior of a restrained steel beam subjected to a fire. Considering that
it will be very expensive to perform a fire test on steel beams in a completed steel
structure, the experiment on a restrained steel beam is often employed for simulating
behavior of a beam in a completed structure.

By this method, Li'®?, Liu et al.[!41316] ' Cong!!7! and Li et al.['8 have con-
ducted some fire tests on restrained steel beams. Huang and Tan!'! and Yin and
Wang [20-2122] analyzed the restrained steel beam using finite-element methods. A
simplified method was proposed by Yin and Wang!?%-?122] to predict the behavior
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+ ek
(c) Fracture of the beam to column joint

Fig. 7.1 Failure of restrained structural components in a fire

of a restrained steel beam subjected to fire. Li and Guo!®! studied the behavior of a
restrained steel beam during cooling phase and a theoretical method was proposed.
Although lots of experimental and theoretical research on restrained steel beams
has been carried out, the damage of beam-to-column connection has not been in-
vestigated in detail and behavior of the restrained beam during cooling was seldom
addressed. Fire tests on two restrained steel beams with rigid beam-to-column con-
nections were carried out at the Fire Laboratory of Tongji University (8! to investigate
behavior of the restrained steel beam during the heating and cooling phase in a fire.

7.1.1 Fire Test of Restrained Steel Beams
7.1.1.1 Test Arrangement

The test set-up is shown in Fig. 7.2. The bottom H-beam was the tested restrained
beam and the top H-beam and the double channel beam are to provide the axial
restraint and were out of the furnace. The restrained beam was made of Q235 steel
with yield strength of 271 MPa, and all the other members were made of Q345 steel
with yield strength of 331 MPa.
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(c) 1-1 section plan view

Fig. 7.2 Test set-up of the restrained steel beam in a fire (mm)
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In order to simulate the heat-sink effect of the concrete slab, the top flange of
the restrained steel beam was wrapped by ceramic fiber blanket with a thickness of
3 mm and 10 mm for specimen 1 and specimen 2, respectively.

Two concentrated loads were applied symmetrically on the restrained beam by
hydraulic jacks and the load ratio was 0.7 (130 kN). When the deflection of the beam
reached about /16, the fire was stopped.

7.1.1.2 Installation of Instruments

The temperature, the lateral deflection and the internal force of restrained beam were
measured during the test. Although the top H-beam and the double channel beams
were not exposed to fire, their strain can be obtained through strain gauges and then
the internal force can be calculated.

Arrangements of thermocouples, displacement transducers and strain gauges are
shown in Fig. 7.3. Three displacement transducers were fixed at [/4, [/2 and 31/4
along the restrained beam span to record vertical deflections and two displacement
transducers were fixed at the two ends of the restrained beam to measure horizontal
displacements. The arrangement of thermalcouples are shown in Fig. 7.3. The distri-
bution of strain gauges was shown in Fig. 7.4 and Fig. 7.5. The full view of the test
with instruments is shown in Fig. 7.6.

- % Exterior members applying restraints -

1fF ¥ W7
Hydraulic jock LD—‘ LOJHydmuHc jack
y [] 1] y
;@j R S T e s o i W B
T o Restrained beam exposed to fire o - =
Pin support E J

DAl——{ra

y
1
|

73

600 (for test 2)
800 (for test 1)

800 (for test 1)
600 (for test 2)

o

=

173

c
k]
°

<]

~

Fire wall
Furnace

Graphic illustration:
»—-— —Location of stress gauge
o--- —Location of thermal couple (A1, A2, A3 group)
sx— —Displacement transducer
—The range of beam exposed to fire

Fig. 7.3 Installation of instruments (mm)
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0, 0, 0
Ceramic TE_T Al Ceramic ﬁ A8 Ceramic H A2

blanket blanket blanket

o [’ g

Fig. 7.4 Distribution of thermo-couples over the cross section of the restrained beam (mm)

60, 60 50 50
ﬁy—-h Single direction == Single direction
1 strain gauge strain gauge
F——Strain rosette T
S 'T Strain rosette
T_T_ Single direction

strain gauge g\tﬂrglg ggjggon

Fig. 7.5 Distribution of strain gauges over the cross section of members (mm)

Fig. 7.6 Full view of the test set-up
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7.1.1.3 Failure of the Restrained Beam

The restrained beam experienced very large deflection in the fire test. Appearance
of specimen 1 after test is shown in Fig. 7.7. Local buckling occurred at the bottom
flange near the support, as shown in Fig. 7.8. The distance between the buckling zone
and the beam support ranged from 150 mm to 250 mm, and the largest displacement
in the buckling zone reached 65 mm. Damage to the beam-to-column connection
was not observed.

Fig. 7.7 Deflection of the restrained beam

Fig. 7.8 Local buckling of the restrained beam
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7.1.1.4 Tests Results

e Temperature results

Temperature-time curves of the fire, the bottom flange, the web and top flange of the
restrained beam are shown in Fig. 7.9 to Fig. 7.12. The heating period of test 1 and
2 was 19 min and 21 min respectively, and the temperature measurement stopped at
148 min and 282 min after the fire was turned off for test 1 and 2, respectively.

From Fig. 7.9 to Fig. 7.12, it can be found that temperatures of the bottom flange
and the web of the restrained beam in the same section were close to each other,
and the temperature of the top flange increased more slowly than that of the bottom
flange. After the fire stopped, the temperature of the bottom flange decreased rapidly,
while the temperature of the top flange still increased for a period of time.

900

Average temperature - °~

. . - *

750 | in furnace \/./
/

(=)

(=3

(=)
T

Temperature c)
o~
&
S
T

300 -

150

Note: numbers are thermal couple’s No.

0 n ﬂrl n 1 n 1 n 1 n 1 n ]
0 5 10 15 20 25 30

Time (min)

Fig. 7.9 Measured temperatures of test 1 in 30 min

o Measured deflections

During the fire test, the deflection against time is shown in Fig. 7.13. In heating phase
the deflection increased rapidly. After the fire stopped, especially 10 min later, the
variation in the deflection was very small.

During the first 10 min after the fire stopped, the deflection of the restrained
beam still increased slowly. This might result from two reasons. The first is that the
temperature of the top flange still increased in this period of time. And the second
is that the deflection increased so quickly that the load could not catch it. The actual
load was lower than the required value, while 10 min later after the fire went out, the
change in deflection was very small.
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Fig. 7.11 Measured temperatures of test 2 in 30 min
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Fig. 7.12 Measured temperatures of test 2 after 30 min

Fig. 7.13 shows that the catenary action occurred when the deflection exceeded
about 1/20 of the beam span, which slowed down the deflection increase. For an iso-
lated beam with a load ratio of 0.7, it will collapse when the temperature reaches
500 °C, while for the restrained beams with the same load ratio, they still had load
bearing capacity though the highest temperature had exceeded 700 °C.

e Horizontal displacements at the beam ends
Horizontal displacements at the ends of tested beam are shown in Figs. 7.14 and
7.15.

At the beginning of the fire test, the right beam end moved toward outside for
the expansion of the beam. But 10 min after, the beam end began to move inside
resulting a large deflection of the beam. About 14 min later, the beam returned to its
original length. After the fire went out, the beam end kept moving toward the inside
because of the contraction of steel during cooling. The horizontal displacement of
specimen 1 was larger than that of specimen 2 because the restraint stiffness in test
1 was smaller than that in test 2.

7.1.1.5 Axial Forces in the Restrained Beam

The axial restraint stiffness of the beam in test 1 and test 2 was 39.5 kN/mm and
68.3 kN/mm, respectively. The axial force in the restrained beam can be calculated
through the axial restraint stiffness multiplied by the horizontal displacement and is
shown in Figs. 7.16 and 7.17.
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Fig. 7.13 Deflections of the restrained beam in the fire test
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Fig. 7.14 Horizontal displacements at the restrained beam ends in test 1

Right end

30 60 90 120 150 180 210 240 270 300

Time (min)

Fig. 7.15 Horizontal displacements at the restrained beam ends in test 2
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Fig. 7.17 Variation of the axial forces in restrained beams after 20 min

At the beginning of the fire test, the axial compression force was produced be-
cause of the restrained thermal expansion. At 8-9 min, the axial compression force
began to decrease. At about 14 min, the axial force in the beam changed into tension
due to the dominance of catenary action.

Since the axial restrain stiffness in test 2 was larger than that in test 1, the max-
imum value of the axial compression force and tension force in specimen 2 was
observed to be larger than that in specimen 1.
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7.1.2 Analysis and Design for Fire-Resistance of a Restrained Steel
Beam

Observations from experiments indicate that the restrained steel beam has better fire-
resistant capacity than an isolated beam 23!, Over the past ten years, behavior of the
restrained steel beam during heating has been investigated through experimental and
theoretical studies!!®141, and some practical and simplified approaches for predicting
behavior of the restrained steel beam have been proposed?!-??!. On the other hand,
damage of connections of the restrained beam are noticeable in fire, which is thought
to be mainly caused by the enormous axial tensile force resulting from temperature
decreasing. Fig. 7.18 illustrates the damage in beam-column connections found in
the fire attacked tall steel building in Taipei Science and Technology Park >3], Few
researches on the performance of a restrained steel beam during the cooling have
been conducted, except some studies on the strain reversal of steel during cooling
carried out by El-Rimawi et al.**! and Bailey et al.!'%!,

b et o=

Fig. 7.18 Damage to the beam-column connection by a fire

7.1.2.1 Behavior of a Restrained Steel Beam During the Heating and Cooling Phase in
a Fire

Behavior of a restrained beam in a fire during the heating phase can be divided into 4
stages according to the development of the axial force on the beam, as shown in Fig.
7.19. The deflection development of the restrained beam in accordance with each
stage is shown in Fig. 7.20. The 4 stages are

Stage I: A compressive axial force is induced in the beam because thermal ex-
pansion is restrained and it increases with temperature elevation. At the end of stage
I, the axial force reaches the maximum value.
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Stage II: The compressive force on the beam begins to decrease. At the end
of this stage the compressive force is reduced to zero and the deflection increases
sharply.

Stage III: The axial force changes into tension, and the rate of the deflection is
slowed down, which indicates that catenary action takes into effect. At the end of
stage III the tensile axial force reaches the maximum value.

Stage I'V: The axial tensile force begins to decrease and the rate of the deflection
increases again.

In stages II to IV, a plastic strain is produced and accumulated in the beam with
the temperature increasing. When the temperature begins to decrease, because the
plastic strain cannot recover and the beam is restrained at the ends, the contraction
force in the beam will be increased, as indicted by the dashed line in Fig. 7.19(a). At
the same time, the recovery of the elastic modulus of steel together with the effect
of increasing tensile axial force, reduce the deflection of the beam, as shown by the
dashed lines in Fig. 7.19(b).

Q Axial force

(a) Development of the axial force

Temperature

—

Q

Deflection

v

(b) Development of the deflection

Fig. 7.19 Axial force and deflection development of the restrained beam during fire
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7.1.2.2 Equilibrium of the Restrained Steel Beams in Large Deflection State

Restrained steel beams in a fire condition can undergo very large deflection. The ef-
fect of geometric non-linearity, which is normally ignored when studying an isolated
beam, must be considered. A typical model of a restrained beam is shown in Fig.
7.20.

Fig. 7.20 Mechanical model of a restrained steel beam

The equilibrium equation of moments involving the effect of geometric non-
linearity is expressed as

Mend +Mmia —M;+F8 =0 7.1
The axial force on the beam can be determined by

62
F = (alAT = A kea (7.2)

where k., is the effective axial stiffness of the beam expressed as

1 2 1
— = (7.3)
ke,a Ka ka

7.1.2.3 Stiffness of the Restrained Steel Beam

The axial stiffness of the restraint k, is assumed to be temperature independent, but
the axial stiffness of the beam k7 varies widely in different stages. In order to sim-
plify the study, the temperature distribution over the beam cross-section is assumed
to be uniform. Three states are discussed as follows

o Elastic state with small deflection
Assume that the beam is in an elastic state and its deflection is very small. The axial
stiffness of the beam is approximately determined by

kor = =1 (7.4)
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e Elastic state with large deflection
When the deflection of the beam is very large, the effect of deflection on the axial
stiffness of a beam must be taken into account. The following approximate approach
is proposed to determine the axial stiffness of the beam.

For a simply supported and curved beam shown in Fig. 7.21, the horizontal dis-
placement of the beam under horizontal force P is determined by

o [PV () ! P
Ap—P /0 e /0 A (7.5)

where f”(x) is the first derivative of function f(x) and f(x) is the profile of the beam,
as proposed by Yin and Wang21:22],

(b) Rotationally restrained beam

Fig. 7.21 Curved beam

In Eq.(7.5), the first part is the deflection induced by the moment and the second
part is that induced by the axial force.

If the rotation of the beam is restrained, as shown in Fig. 7.21, the moment Mp
will be induced at the ends under the axial force P. Based on the virtual work princi-
ple, the following equation is obtained

! MpiT ! ()P
ds — ds=0 7.6
o Erl /0 Erl (7.6)

where M is the virtual unit moment.
The moment Mp can be worked out through Eq.(7.6) and expressed as

/ 7
iy = PTG -
Jo v/ 1+ f%(x)dx

If the beam ends are rotationally restrained, the expression of M, may be modified

as
_ kesL P Jo VT4 P (0)f (x)dx a.8)
EL /T4 /(s |

P
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where k. , is the effective stiffness of the restrained beam and is determined with

1L 2
—_—=4 7.9
ke El K 79)

M, also induces horizontal displacement of the ends and the total horizontal dis-
placement of the beam with rotational restraint is determined by

/1+f'2 f2
Ap=P dx+
Jo Jo ETA\/lJrf’z (7.10)
) .

_kwLRmv1+ﬂ2xf j«M1+ﬂ2 D/
EL Ui 0 Ed

Then the axial stiffness of the curved beam considering the effect of deflection is
determined by

1 7&7f /1+f/2 f2 +f
' ETAV ”f/z (7.11)

ko1 Erl
el fo /T ()£ (x)dx I 1 V1+ () f
EL [T+ ' Erl
o Plastic state with large deflection

According to plastic theory, the relationship between the moment M and axial force
F at the plastic hinge in the beam is expressed as

(a) for the neutral axis in the web

M F\?
—to(—) =1 (7.12)
M, F,
(b) for the neutral axis in the flange
M F
—+|=|=1 7.13
S adis (7.13)

where @ and { are factors relevant to the type of the cross-section of the beam, given
by
_ 2+ ) At
=————and{=——
e+ ) 202+ 1)
U, is the ratio of the cross-sectional area of the web to that of one flange.

For a beam without rotational restraints at the ends, Mepq = 0. Eq.(7.1) changes
to

(7.14)

F& = Mpig+M, (7.15)

Work out the expression of Mg from Eq.(7.12) and Eq.(7.13), and substitute it into
Eq.(7.15). The derivative of F with respected to 0 is obtained by
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(a) for the neutral axis in the web

dr F
Fp
(b) for the neutral axis in the flange
dr F
T 7 A (7.17)
P16
CF+p

Given that the temperature is kept constant, the relationship between the relative
displacement of the two ends u and the deflection at the mid span of the beam § is
expressed as

u=2A (7.18)

Then du 5
T = 27L — (7.19)

Therefore, according to the differential Eq.(7.16), Eq.(7.17) and Eq.(7.19), the axial
stiffness of the beam with plastic hinge and large deflection can be determined by

(a) for the neutral axis in the web

dF F L

kypp= — = 7.20

bTr = qu 2MF+527L3 (7.20)
Fp

(b) for the neutral axis in the flange

dF F L
korp =g = W, 775 (7.21)

{F,

Similarly, for a beam with end rotation fully restrained, the axial stiffness of the beam
with plastic hinge and large deflection is derived as

(a) for the neutral axis in the web

dF F L
kyp = T2 7.22
bT,p du ‘o MF+6 Y ( )
FP

(b) for the neutral axis in the flange

b=l L o
+0

CFp
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7.1.2.4 Analysis of the Restrained Beam During the Cooling Phase in a Fire

For simplicity, the temperature distribution over the cross-section of the beam is as-
sumed to be uniform.

e Stress-strain relationship during the cooling phase

The stress-strain relationship of steel is supposed to be linear when unloading, as
shown in Fig. 7.22. According to the proposal by El-Rimawi et al.[**!, the stress-
strain relationship of steel during cooling can be assumed to follow the path shown
in Fig. 7.23. At temperature 77 or 7, the elastic modulus of steel is E7, or E7,, and
the stress may increase up to fyz, or fyr,. If the strain in the steel reaches &7, with
a stress of fy7; at Ty then the temperature begins to decrease from 77 to 13, and the
change in the strain and stress of the steel can be divided into two steps

e unload at temperature 71, and the strain decreases to &, with a slope equal to E7;;

e decrease the temperature to 7> and then increase the load, and the strain and
stress increase again with a slope equal to E7,. When the stress reaches fy7,, the
corresponding strain is €7,, which is equal to &7, — fy7, /E1, + fi1, /E1,-

Fig. 7.22 Stress-strain curve of steel when unloading

e Behavior of the restrained beam during cooling
When the steel temperature decreases from 77 to 7, the elastic modulus and yield
strength recover, which increases the stiffness and the load bearing capacity of the
beam. At the same time, a contraction force AF will be produced, as shown in Fig.
7.24(a).

In order to study the behavior of a restrained beam during cooling, a temperature
negative incremental approach is employed. The completed process of cooling can
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Fig. 7.23 Reversal of stress in steel during cooling

be divided into many decrements. In each temperature decrement, AT =T, — T1, the
analysis of a beam is divided into four steps:

Step 1: the applied vertical load is unloaded at temperature 77, with the axial force
in the beam and moment at the beam ends being kept constant;

Step 2: the steel temperature decreases from 77 to 7> and the beam contracts. The
steel elastic modulus and yield strength recover, as shown in Fig. 7.24(b);

Step 3: apply load on the beam by the previous value; and

Step 4: the incremental tensile axial force Af resulting from contraction is applied
at the beam ends, as shown in Fig. 7.24(c).

o Deflection induced by recovery of elastic modulus of steel
Because the plastic strain cannot be recovered during the cooling phase, the beam
remains as a bowed beam. The defection reversal of the restrained beam resulting
from the recovery of the steel elastic modulus during steps 1 to 3 is determined
according to the process shown in Fig. 7.25.

For an isolated bowed beam with a profile function f(x), as shown in Fig. 7.25,
the applied vertical load will induce an increment of deflection dpr determined by

dpr = I;—CTL (7.24)
where ¢y, is a factor dependent on the span of the beam and the type of the vertical
load on the beam.

If horizontal restraints are applied on the ends of the bowed beam (Fig. 7.26),
the deflection increment will produce an axial force F,. The horizontal tensile force
F, will induce a decrement of deflection df,r. Then the deflection increment will be
reduced to dr.

According to the law of energy conservation, dr,r is determined by

(a) for a simply-supported beam
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“x_Original curve
Deflection for bow ﬂ

beam without restraint

£7 Deflection for bow
beam with restraint

Fig. 7.26 Deflection the beam by bowing effects

2F, L2 1

= Bl Jo (zx)f(x) 1+ f2(x)dx (7.25)

(b) for a rotationally restrained beam

L2 L x| [T+ F2(x) f(x)dx
drr = (—32) o ; FRDf () —f) [ A/ 1+ f2(x)dx  (7.26)
ETI 8 27| [ /T+f2(x)dx
The above equations can be simplified as
2F,
= —— 2
drr Er ICd (7.27)
where
(a) for a simply-supported beam
L2 q
drr = [ (3014 2@ (1.28)
(b) for a rotationally restrained beam
L/2 1 2
= [ [ BYLTIRIO | a9
L Jo o/ T+ 2 (x)dx

The horizontal displacement of the beam end u can be expressed approximately

267
L
Considering the relationship of d, 7, dr, dr,r and F,, gives

as

u= dr (7.30)
dr +drr =dpr (7.3D)

and

2
Fy = uk, = AT‘STdig (7.32)

substituting Eq.(7.32) into Eq.(7.27) gives
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drr 4087

= ——drk,C 7.33
8 ETIL Thegd ( )

and substituting Eq.(7.33) into Eq.(7.31), dr can be worked out as

dp— e (7.34)

4107
14+ ——k,C,
T L

At temperature 77, the unloading will lead to a deflection reduction dr,. At tem-
perature 7>, reloading will induce a deflection increase dr,. Then the deflection re-
versal resulting from the recovery of the elastic modulus of steel is determined by

per per
Er, Er.
Srenp = dr, —dr, = — 7 —— — — 55
1+ : kng 1+ 2 kng
ErIL EpIL
(7.35)
pet pet
_ Er, _ Er,
47 61 4707
1 Lk, Cy 1 Lk, C
+ ErIL ¢ + EpIL ¢

where 87, and &7, show the mid-span deflection of the beam at temperature 77 and

T, respectively. It should be noted that because the difference between 571 and 572

is relatively small, &7, in the second part of the above equation is substituted by 67, .
Given that the axial restraint stiffness is not larger than 0.1k; and

05y,
ErIL

kgCD ~0

05y,
Ep,IL

kgCD ~0

then Eq.(7.35) can be simplified as

S _per  per
rev.E ETI ET2
_re (Eo _ Eo) 7.36)
Ey \E7, Ep ’

e Contraction force generated by temperature decrease
In the second step as shown in Fig. 7.24(c), because the steel strength recovers with
the temperature decreasing, as shown in Fig. 7.27, and the strain induced by AF is
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in reverse, the axial displacement of the beam ends is assumed to change elastically
at the beginning. During the temperature decrease from 7; to 75, if the plastic hinge
occurs, the complete relative displacement change of the ends due to AF can be
divided into two parts, i.e. the elastic part Au, and the plastic part Au,. Accounting
for the geometric compatibility, the following equation must be satisfied

Aue + Au, = aLAT (7.37)
where AT=T, — T, and AF is determined by
AF = Aucke ge + Autpke ap (7.38)

where k. 4. is the effective axial restraint stiffness when the beam is in an elastic state
and k. 4 is the effective axial restraint stiffness when the beam is in a plastic state.

e Moment at the beam ends during cooling
For beams with the end fully rotationally restrained, when the temperature decreases
from T to 7>, the incremental axial tension force will lead to a the change of moment
at the beam ends.

If a the plastic hinge does not occur, the change in the moment can be determined
by Eq.(7.39) according to Eq.(7.8) as

AF [§ /T4 f2(x) f(x)(d)x
AMopq = 7.39
‘ JE/TF F2(x)dx 739

-ﬁll
Jr,
- 1
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Fig. 7.27 Recovery of the steel strength with the temperature decreasing
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Then the moment at 7; is expressed as
Mend,Tz = Mend,Tl — AMend (740)

Given that there is a plastic hinge, the moment at the beam ends can be worked out
from Eq.(7.12) and Eq.(7.13) as

(a) for the neutral axis in the web

F\2
Mena, 1, = [1 - (F) M, (7.41)
p
(b) for the neutral axis in the flange
F||M
M, ={1—|—|| 52 7.42
end, > |: Fp :| C ( )

e Deflection reversal due to the contraction force

When the steel temperature decreases from 77 to T, and if AF is not so large as to
create a plastic hinge in the beam, the deflection reversal of the beam induced by AF
is obtained with the energy conservation principle by

2AF

= 74
5rev,F ETZI Cd ( 3)

e Total deflection during cooling
When the temperature decreases from 77 to 75, given that the plastic hinge does not
occur, the total deflection of the beam at temperature 73 is determined by

6T2 = 5T1 - Srev,E - 6rev,F (744)

If a plastic hinge occurs, the deflection of the beam has to be worked out through the
equilibrium equation of the beam.

For a pin supported beam, the deflection of the beam at temperature 7 is derived
from Eq.(7.1) as
M, + Mg
5T2 _ " - mi
where Mg is worked out from Eq.(7.12) and Eq.(7.13).

Similarly, for a beam with ends fully rotationally restrained, the deflection of the
beam at temperature 75 is expressed, assuming Mp,iq equals Mepq, as

_ Mq + 2Mend,Tz

8y =~ (7.46)

The behavior of a restrained beam during the cooling phase can then be analyzed fol-
lowing the steps presented above, until the steel temperature decreases to an ambient
temperature.

(7.45)
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7.1.2.5 Validation

The performance of a heated restrained steel beam during cooling is predicted by
this method and compared with results obtained by the FE method. The beam is
H 400x200x8x 13 of steel Q235 with a span of 8m. The FEM analysis is carried
out by ANSYS . In the FE analysis, a shell element is employed to simulate the
flanges and web of the beam.

Four types of restraints are applied to the beam. In the first and second type,
the beam ends are pin supported and the axial restraint stiffness is 0.1k, and 0.4k,
respectively. The uniformly distributed load on the beam is 26.25 kN/m. In the third
and fourth type of restraint, the beam ends are fixed and the axial restraint stiffness
is 0.2k, and 0.4k, respectively. The uniformly distributed load on the beam is 35.5
kN/m.

For the beam with the first and second types of restraint, the development of the
deflection and the axial force predicted by the proposed method and the FE method
are compared in Fig. 7.28 to Fig. 7.29. For a beam with the third and fourth types
of restraint, the development of the deflection, the axial force and the moment at the
ends predicted by the proposed method and the FE method are compared in Fig. 7.30
to Fig. 7.32. It can be seen that results by the method proposed and the FEM method
are in good agreement.

—— First type BC, FE results
0 —— First type BC, proposed
- = = Second type BC, FE results
—O— Second type BC, proposed
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§ -200
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Temperature (°C)
Fig. 7.28 Comparison of defections predicted by the FE method and the proposed method
(hinged support)

That axial tensile force increases as the temperature decreases. The beam with
a larger axial restraint stiffness has a bigger increment in the axial tensile force.
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Fig. 7.29 Comparison of axial forces predicted by the FE method and the proposed method
(pin supported)
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Fig. 7.30 Comparison of defections predicted by the FE method and the proposed method (fix
ended)
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Fig. 7.31 Comparison of axial forces predicted by the FE method and the proposed method
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However, too large an axial tensile force will produce a plastic hinge in the restrained
steel beam. The increased rate of the axial force will decrease and the deflection
reversal will increase sharply.

In addition, if the rotation is restrained at the beam ends, the moments at the
beam ends will vary reversely. Eventually, the moments at the beam can change to
negative. Together with the effect of the axial tensile force, the negative moment may
lead to tremendous tensile stress at the bottom flange near the beam ends.

7.2 Fire Resistance of Steel-Concrete Composite Beams

7.2.1 Fire Test on Restrained Steel-Concrete Composite Beams

The fire-resistance of a composite beam has been a research concern recently
years [20:27:28.29.3031] " Benedetti 3! proposed an analytical method for predicting
the fire-resistance of composite beams. Wang[®3! studied behavior of a composite
beam with partial fire protection. In order to propose a simplified design method for
the fire-resistance of steel-concrete composite beams, a series of tests were carried
outB3+31 to study

e the temperature elevation of a steel-concrete composite beam;

o the failure model and failure mechanism of restrained steel-concrete composite
beams and

e the effectiveness of the simplified design method proposed.

7.2.1.1 Test Design

The span of the steel-concrete composite beam is 5.23 m[*¥ and the depth of the
steel deck is 76 mm. The detailed description of the specimen is listed in Table 7.1.

Table 7.1 Parameters of the test specimen

Depth of Concrete Boundary Applied load
No. Steel beam Reinforcement

concrete slab  Grade condition (Load ratio)
CB150 HN200x100 150 mm C30 ¢8135 Pinned 40 kN (0.49)
CB125 HN200x100 125 mm C30 ¢8200 Rigid 60 kN (0.52)

The column of the restraint frame is H 350x300x8x20 and the beam of the
restraint frame is H 300x300x 10x 14. Two steel channels were welded at 1/3 of the
height of the column to provide a restraint stiffness of 85 kN/mm, as shown in Fig.
7.33 and Fig. 7.34. Positions of the LVDTs for measuring the axial displacement
and the lateral deflection are shown in Fig. 7.35. Positions of the thermal couples for
measuring the temperature are shown in Figs. 7.36, 7.37 and 7.38.
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Fig. 7.33 Test set-up

Two concentrated loads are applied on the beam at //3 and 2//3 span with a load
ratio of 0.49 and 0.52 in test CB150 and CB125 respectively. The fire temperature
follows the ISO 834 standard fire.
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Fig. 7.36 Locations of thermal couples (mm)
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7.2.1.2 Material Strength

The materials for making the test specimen are listed in Table 7.2.

Table 7.2 Material strength (MPa)

Reinforcement Steel plate
Concrete
08 012 —5mm —8 mm —20 mm
43.1 316 421 300 277 333

7.2.1.3 Test Results

e Specimen CB150

With the elevation of temperature, cracks perpendicular to the beam appeared at the
beam end. After about 40 min of the test, water exuded through cracks in the slab.
At about 70 min after the test, the concrete slab temperature reached about 130 °C
and all the water had evaporated, as shown in Fig. 7.39 and Fig. 7.40. Cracks in the
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Fig. 7.38 Positions of thermal couples over cross-section of specimen CB125 (mm)

concrete slab mainly existed between the load point and the support of the beam.
After the fire test, there was local buckling on both the flange and web of the steel
beam. The fire protection of the steel beam was destroyed due to the large local
deformation.

The local buckling of the beam web and flange will cause destruction and a de-
crease in fire protection. Fig. 7.41 shows that the length of the destroyed fire pro-
tection was about three times the flange width. After the drop in fire protection, the
temperature of the steel beam will increase quickly. Due to the large deflection of
the beam, there are some cracks in the fire protection at the beam’s middle span.
However, there is still fire protection on the beam.

After the fire test, with the decrease in temperature, the deflection of the beam
only recovers by about 40 mm. When the temperature of the beam is reduced to about
150 °C, there is a great sound of fracture in the furnace produced by the fracture of
the beam-column joint, as shown in Fig. 7.40.

e Specimen CB125
Water is exuded after about 40 min and water evaporates out after about 70 min in
test CB125.
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Fig. 7.40 Breaking of the joint in test CB150
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Fig. 7.41 Local buckling of the steel beam in test CB150

Fig. 7.42 Deformation of the web and high strength bolt in test CB150
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Since the steel beam was rigidly connected to the reaction frame, the compres-
sion force in specimen CB125 was greater than that in specimen CB150. The local
buckling of the flange was more serious than in specimen CB150, as shown in Fig.
7.43.

No cracks appeared between the two load points in test CB150. However, cracks
appeared in the CB125, as shown in Fig. 7.44. This is due to the centenary action
which caused a tensile force in the beam and tensional cracks in the concrete slab.

The deflection of the composite beam recovered about 50mm after the test and
the joint did not causes a break.

Fig. 7.43 Local buckling of the flange of in test CB125

7.2.1.4 Temperature Results

e Specimen CB150
The measured fire temperature intest CB150 is shown in Fig. 7.45. About 5 min later,
the measured fire temperature and the ISO834 fire curve agree very well.
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Fig. 7.44 Cracks in the concrete slab in test CB125

Measured temperatures of the steel beam and concrete slab are shown in Fig.
7.46 and Fig. 7.47, respectively. The measured temperatures of 77 and 74, 7> and T5
are nearly identical to each other, which shows that the concrete slab has negligible
influence on the temperature elevation of the bottom flange and web of the steel
beam. The measured temperature of 73 is about 60 °C lower than that of Ty, which
shows that the concrete will influence the temperature elevation of the upper flange
of the steel beam.

Thermal couple 779 was 15 mm from the bottom of the concrete slab. The maxi-
mum measured temperature was 580 °C. However, the maximum temperature at 75
mm (77;) and 135 mm (77;) from the bottom of the concrete slab was only about 180
°C.

Measured concrete temperatures through 774 and 773 are shown in Fig. 7.37 and
Fig. 7.38. The maximum temperature was 280 °C.
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Fig. 7.47 Temperatures of the concrete slab in test CB150

e Specimen CB125
The fire temperature in test CB125 is shown in Fig. 7.48 and measured temperatures
of the steel beam and concrete slab are shown in Fig. 7.49 and Fig. 7.50 respectively.
Temperatures of 77 — Tj¢ increased suddenly after 3200 s of the test, as shown in
Fig. 7.49, which means the fire protection at this position was broken.
Except for temperatures of 711 and Tj9, which are only 15 mm from the bottom
of the concrete slab, the measured temperatures of all the other thermal couples are
lower than 500 °C.

7.2.1.5 Displacement Results

Locations of the LVDTs are shown in Fig. 7.35. Axial displacements at two ends
of the test beam and axial deformations of the specimen CB150 and CBI125 are
shown in Fig. 7.51 and Fig. 7.52 respectively. Deflections of the specimens CB150
and CB125 are shown in Fig. 7.53 and Fig. 7.54 respectively. Axial deformations of
both specimens increase till deflections reach a certain level, then decrease with the
further development of the deflections due to the catenary action of the restrained
beam.

7.2.2 Analysis of Restrained Steel-Concrete Composite Beams
7.2.2.1 Axial Stiffness of a Composite Beam and Axial Force in the Composite Beam

Assume the axial stiffness of a half span steel-concrete beam is k and the horizontal
displacement of the support is &, so the axial force in the composite beam
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Fr =k&, (7.47)

where k is the axial stiffness and &, is the support displacement.
o Axial stiffness of the composite beam
The axial stiffness of a half span composite beam is calculated by
1 kprkg
k= = 7.48
1 I 1 kr+tk 749
ka ka

where k7 is the axial stiffness of the composite beam at temperature 7 and is ob-
tained through
(a) when the composite beam is under compression

EsTAse + ECTAce + EstAsh

kpr = 0404 7.49
bT c Uk L/2 ( )
(b) when the composite beam is under tension
EsrAge + EstAsb
kyp=—m—1—— 7.50
bT L2 (7.50)

where A, is the cross-sectional area of the concrete slab in an elastic state repre-
sented by height x., in Fig. 7.55, A, is the cross-sectional area of the steel beam in
an elastic state represented by height b in Fig. 7.55, a is a factor for considering the
influence of cracks in a concrete slab in a continuous composite beam and 0=0.7,
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Fig. 7.55 Temperature and stress-distribution in the cross section of a composite beam: (a)
cross section of the composite beam; (b) temperature distribution in the cross section; (c)
stress distribution in the concrete slab and (d) stress distribution in the steel beam

Q. is a factor for considering the connection stiffness of the steel beam-column con-

nection. For the bolted connection o,.=0.1 and for the welded connection o,=1.0.

e Support displacement

The horizontal displacement at the beam support is caused by the bowing effect of the

beam deflection and the thermal expansion of the beam due to temperature elevation.
The deflection of the composite beam

(x) = 8, (2Lx> — x* — L*x) + fr(x) (7.51)

For a composite beam with rotational restraint stiffness k, at the support, the
deflection can be determined through

kr aSTTb - acTTt 2
=—(1- —Lx 7.52
frix) < 2ETI/L> Tt 2 & (7.52)
ket k T T;
r Osr1p — Ot 1y
kr=|1- 7.53
’ ( 2ETI/L) he +2h, + hy (7.53)
and Eq. (7.52) is simplified as
fr(x) = —xr(x* — Lx) (7.54)
The horizontal displacement at the beam support due to the beam deflection is ob-
tained by
L2 do(x)\*. 1. 1
o =Jy 1+ dx— -L— -aLAT
52 dx ) 22 (7.55)
_mE () sin(krL/2)\ laLAT
8L KkrL/2 2

where o is the thermal expansion of the composite beam. For simplicity, the temper-
ature difference in the steel and concrete is neglected. The thermal expansion of the
composite beam is determined by
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_ EsTAse O + ECTAce et
EsTAse + ECTAce

(7.56)
The horizontal displacement of the composite beam due to temperature elevation
is obtained through

ESTAse (%% T:v + ECTAce Ocr Tc E
EsTAse + EcTAce 2

Onr = (7.57)

7.2.2.2 Analysis of the Local Buckling in the Lower Flange of the Steel Beam

Local buckling in the lower flange near the support has been found in fire tests and
fire investigations, as shown in Fig. 7.43.

The analysis of the local buckling of the lower flange of the beam is shown in
Fig. 7.56. Assume the buckling length in the lower flange to be L. The work of the
axial force on the lower flange out of plan displacement equals that of the bending
moment on the plastic hinge rotation in the buckling region as

252
wi/2,  m07(z) w2, 8(z)
207 10, L0 dz= [y""" 17 fsena arctan LG dz 7.58)
+fw'//2t2ftb darctan L)/ dz |
0 f/stben 6(z)

where 8(z) is the displacement of the lower flange at position z and &(z)=2z4 /wy,
A is the maximum displacement of the lower flange as shown in Fig. 7.56, L¢(z) is
the buckling length of the lower flange at the position z and L¢(z)=2zLs/wy, Ly is
the maximum buckling length of the lower flange as shown in Fig. 7.56.

~ 5 Compression force

—— e —

Compression force L

Fig. 7.56 Local buckling of the lower flange

Eq.(7.58) is simplified as

WA w1 2A L
% = E j%Wffstbend (arCtan(Lf> + arctan(zi)) (759)

The axial force in the lower flange is determined through
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Fower = Oxlfwy (7.60)
and the axial force in the lower flange is obtained by
f; slbendW2 13
Flower = 47TA72f u (7.61)

With the increase in A, the axial force in the lower flange decreases.

The arc length of the buckled lower flange is the sum of the thermal expansion of
the lower flange ot;L ¢ Ty,eng and horizontal shortening due to the rotation of the beam
KeLyhy as

Lo = astTbend + Keths (762)

Assume the buckled flange follows a polynomial curve. The maximum buckled
length

A2
Lare = 4Lf (7.63)
Substituting Eq.(7.63) into Eq.(7.62) gives
A2
il = QL Toend + KeLrhy (7.64)
f

Usually, the buckling length equals the flange width

Ly=wy (7.65)
Then Eq.(7.61) is rewritten as
ﬂf stbendtj%
F = 7.66
fower 16 ( O Thend + Kehis ) ( )
The yield axial force of the lower flange
Fyield = As fstbend (7.67)
When
Flower < Fyield (768)
or
T Wy

<Y (7.69)
16(aSTand+ Kehs) Iy

the lower flange buckles.

7.2.3 Practical Design Method for a Restrained Steel-Concrete
Composite Beam

7.2.3.1 Governing Equations
The governing equation for a fire resistance of a restrained composite beam is

My < Fr8, + M, + M, (7.70)
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7.2.3.2 Temperatures of the Composite Beam

When calculating the temperature of the lower flange of a steel beam and the concrete
slab, the heat conduction from the top flange to the web and lower flange is ignored.
When calculating the temperature of the upper flange of a steel beam, the heat sink
effect of the concrete slab is considered, as shown in Fig. 7.57.

The incremental type equation for calculating the upper flange temperature is

O+ o

AT, — — %%
PsCsVs + peceVe

Fy(T, — T,) At (7.71)
where Fj is the area exposed to fire per unit length and Fy=w s+2t7 —t,,.

The temperature distribution over the cross section of the composite beam is as-
sumed to be that shown in Fig. 7.57. The temperature in the steel beam with profiled
concrete slab is assumed to be uniform and the temperature in the upper flange of the
steel beam is different from that in the web and lower flange of the steel beam in a
composite beam with a flat slab.

The average temperature of the concrete slab is determined through

-

B, 1, 1 »
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(a) steel-concrete composite beam with a flat slab
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(b) steel-concrete composite beam with a profiled slab

Fig. 7.57 Temperature distribution across the section in the composite beam
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0.6exp(—wy/wq) —0
h

ATC:[ '1d+1]~

(7.72)

T —
0+ 3P\ 0,007+ 0.0145(1/20) — 0.0005(1 /2012

{ ; (0.05+0.135(t/20) —0.005(2/20)> —d)]

where d is the depth of the concrete slab over the profiled steel deck as shown in Fig.
7.58, wy and wy are parameters of the profiled steel sheet as shown in Fig. 7.58.

4 l

Fig. 7.58 Profiled steel deck concrete slab

7.2.4 Axial Force in the Composite Beam

Effects of the load ratio, the restraint stiffness ratio, the ratio of steel beam area to
the concrete slab area, the reinforcement ratio and the temperature gradient on the
ultimate tensile force in the beam are as follows:

o the tensile force in the composite beam exposed to a fire at the centenary action
phase increases with the increase in the load ratio. However, the ultimate tensile
force is nearly the same, which equals the tensile capacity of the steel beam at
high temperature;

e the restraint stiffness has minor effects on the tensile force in the composite
beam;

o the tensile force in the composite beam increases along with the ratio between
the steel beam area and the concrete slab area;

o the reinforcement has little effect on the tensile force; and

e the temperature gradient has little effect on the tensile force.

Hence the tensile force of the composite beam depends on the cross sectional area of
the steel beam.
For simplicity, the tensile force takes the following value

(a) for the composite beam with a profiled concrete slab
Fr = Fy0.5 = 0.5 fytbendAs (7.73)

(b) for the composite beam with a flat concrete slab

1
Fr=Fyos5= fytbendAf + gfytbendAs (7.74)
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7.2.4.1 Deflection of the Composite Beam

Effects of the load ratio, the restraint stiffness ratio, the ratio of steel beam area to
the concrete slab area, the reinforcement ratio and the temperature gradient on the
deflection of the restrained composite beam are as follows:

o the composite beam with a smaller load ratio has greater deflection;

e the composite beam with smaller restraint stiffness has greater deflection;

e the deflection of the beam increases with the increase in the ratio between the
cross-sectional area of the steel beam and the concrete slab;

e the reinforcement ratio has little effects on the deflection;

o the temperature gradient has great effect on the deflection.

The fire test shows that the deflection of the restrained composite beam could reach
1/15 of its span. On the safety side, the following design value of the deflection can
be taken for checking the fire resistance of the restrained composite beam

6, =L/15 (7.75)

where L is the span of the beam.

7.2.4.2 Hogging and Sagging Moment Resistance Capacity

e Sagging moment resistance capacity

Since temperatures in the steel beam are higher than those in the concrete slab and
the strength of the steel beam degrades more than the concrete slab, the natural axis
of the section at high temperature generally lies in the concrete slab. Assume that half
of the steel beam bears the moment and the other half bears the axial force formed
in the composite beam due to the catenary action, and that the temperature over the
cross section of the concrete slab is uniformly distributed. As shown in Fig. 7.59, the
sagging moment resistance capacity of the composite beam is calculated by

Mm = Bcexchy (776)

where
Y= O-SAsfytbend

B ce f cT

e Hogging moment resistance capacity

The concrete will crack at the hogging moment region. When calculating the hogging
moment resistance capacity of the composite beam, the contribution of the concrete
is ignored. At the same time, the lower flange of the steel beam will buckle at high
temperature. Only the contribution of the web and upper flange of the steel beam
and the reinforcement in the concrete slab are included. To consider the interaction
between the axial force and bending moment, the area of the reinforcement, the upper
flange and the web of the steel beam that contribute to the axial force resistance
should be subtracted from the section area when calculating the moment inertia of the

(7.77)
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Fig. 7.59 Sagging moment resistance capacity of a composite beam

section, see Fig. 7.60 and Fig. 7.61. The order of this subtraction is the reinforcement
first, then the upper flange of the steel beam, and then the web of the steel beam.
The hogging moment is calculated by

M, = Weppfytbend (7-78)
Reinforcement 3 Apey = A
W g % o N AR :L T N {:. & f::mcnd
2T T,
{‘_ bend
= _ o
T o Y

Tbcnd

Fig. 7.60 Hogging moment resistant capacity of the composite beam with a profiled concrete
slab

7.2.4.3 Calculating Steps

The fire resistance of a restrained steel-concrete composite beam is estimated through
the following steps

e determine the requirement of the fire resistance time of the composite beam and
calculate the temperature distribution across the section of the beam;

e calculate the material properties of the steel and concrete at high temperature
and the equivalent moment inertia of the section;
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Fig. 7.61 Hogging moment resistance capacity of composite beam with a flat concrete slab

e calculate the axial force in the composite beam and the deflection of the beam
with 8,=L/15 to obtain the bending moment resistance provided by catenary
action as Fro,;

e calculate the sagging moment resistance;

e calculate the hogging moment resistance;

e check the fire resistance of the restrained composite beam.

7.2.4.4 Verification of the Proposed Method by Fire Test Results

The proposed method is verified by fire test results described above. The calculated
deflection and axial force are shown in Fig. 7.62 and Fig. 7.63 respectively. The
calculated deflection and axial force in the test specimen CB150 is shown in Fig. 7.64
and Fig. 7.65 respectively. Comparisons of results show that the proposed method has
enough precision.

7.2.4.5 Worked Example

The test CB125 is selected as an example. The steel beam is H 200x 100x5.5x8
made of Q235B steel. The depth of the concrete deck is 125 mm with a strength of
40 MPa and the reinforcement in the concrete slab is 1098 with a yield strength of
270 MPa. The applied bending moment is 97.6 kN-m.

Answer:

(a) Assume that the temperature of the steel beam in the hogging moment region
is 600 °C and that of the concrete slab is 420 °C;

(b) The cross sectional area of the steel beam is 26.12 cm? and the axial force in
the composite beam is

Fr =Fyo5=0.51nf,A; =0.5x0.40 x 270 x 2612 = 141.1 kN
The maximum deflection at the middle span of the composite beam

L/15 =4880/15 = 325 mm
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Fig. 7.62 Calculate and tested deflections of test CB125
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Fig. 7.63 Calculated and tested axial forces of test CB125

The bending moment provided by the catenary action

FysL/15 = 141.1 x 0.325 = 46.0 kN-m

(c) The compression strength of concrete at a temperature of 420 °C

fer =0.72 x 40 = 28.8 MPa

the height of the compression region of the concrete slab
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Fig. 7.65 Calculated and tested axial forces of test CB150
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~ 05Asfy, 0.5x2612x0.4 %270

=3.63
T Bofir 1350 x 28.8 mm
The hogging moment resistance
M, = Bcexchy
100 x 5.5 x 50 3.63
=1 . 28. 200 — 125 — ——
350 x 3.63 x 28.8 x (200 100><5.5+100><8+ 5 > )

=42.7kN-m
(d) The axial force in the composite beam
Fyo5 =131 kN
and the yield force of the reinforcement in the concrete slab
Fp =0.873 x270 x 502 = 118 kKN < Fy 5
which means a part of the steel beam is under tensile stress.
Ag = (141100 — 118000)/(0.05 x 270) = 1696.9 mm>
Hence the moment inertia of the left section of the composite beam
W,pp = 600.6 mm?

The sagging moment resistance is

Wepp fyrvend = 600.6 x 0.05 x 270 = 8108.2 N-mm

The sagging moment resistance is very small if the catenary action effect is consid-
ered.
(e) The fire resistance of the composite beam

My =97.6 > Fr8, + M, +M, =46.0+42.7 = 88.7

The applied bending moment is bigger than the bending moment resistance. The
assumed temperature is too high.

(f) Make a new assumption. The temperature of the steel beam is 540 °C and
recalculate. At this time, the fire resistance of the composite beam is satisfied. The
critical temperature of the composite beam is 540 °C.

(g) If the catenary action effect is not included, the calculated critical tempera-
ture of the composite beam is 510 °C. Which means the critical temperature of the
composite beam is increased by 30 °C if the catenary action effect is included.
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Fire-Resistance of Restrained Steel Columns

Traditionally, the fire resistance of a steel column is obtained through a standard fire
resistance test conducted on a simply supported compressive specimen subjected to
the standard fire exposure, such as ISO834!!l. Although the standard fire resistance
test is a convenient way for grading the relative fire performance of different types
of structural members, for a number of reasons it is not very effective in developing
our understanding of realistic structural behavior in a fire. An important shortcom-
ing is that standard fire resistance tests are carried out on the individual structural
member, not on a complete structure. Therefore, structural interactions cannot be
assessed. The Broadgate fire!>! and the series of Cardington fire tests and the fol-
lowing theoretical analysis[*>6] have all shown that strong interactions exist among
slabs, columns and beams. An effective way of studying structural interactions in a
fire is to perform fire tests on restrained steel members.

The Broadgate!>3 and Cardington!*>% frames employed nominally pinned
joints. In seismic zones such as China, typical beam-column connections are rigid
or semi-rigid, as shown in Fig. 8.1. Rigid connections may provide greater restraint
to columns than pin connections. Therefore, much more attention should be paid to
the behavior of a column restrained in a rigidly connected frame exposed to fire.

8.1 Fire Test on Restrained Steel Columns with Axial and
Rotational Restraint

So far, many restrained column fire tests have been carried out by Simms et al. [7.81
Ali et al.[9) and Tan et al. "9, However, these fire tests have not considered the post-
buckling behavior of a restrained steel column. Fire tests carried out by Rodrigues et
al.!""" used only small scale steel plates. Although fire tests carried out by Wang and
Davies!!?, Ali and O’Connor!"3! considered effects of both the axial restraint and
rotational restraint, they did not include the post-buckling phase. Many research re-
sults 1413161 have shown that the buckling temperature of a restrained column can be
much lower than the unrestrained one if the post-buckling behavior is not considered,
but the failure temperature can increase if post-buckling is included.
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Fig. 8.1 Typical beam-column connection in a framed structure

Until now, research on retrained columns has mainly focused on columns under
axial load only. In a steel frame, columns are usually under combined axial load and
bending moment. Fire tests of Rodrigues et al.['!] and numerical studies of Valente
et al.!!7] have incorporated the eccentricity of axial load. However, in a real structure,
the bending moment can come from many sources in addition to the load eccentricity.
Further fire tests on restrained steel columns loaded with combined axial force and
bending moment are still necessary.

8.1.1 Test Set-Up and Test Specimen

The test set-up is shown in Fig. 8.2(a). It is composed of a tested restrained column,
a restraint beam to provide the axial and rotational restraint, a load arm and a test-
ing frame that all components are installed on. The axial force was applied on the
restrained column through the load arm!'3191 as shown in Fig. 8.2.

The tested column connects to the testing frame and the restraint beam by us-
ing extended end plate connection and bends around its minus axis. The axial and
rotational restraints are provided by the bending of the restraint beam.

The restrained column was 3 m long with a section of HN200x 100. The mea-
sured yield strength and Young’s modulus of steel at ambient temperature were 360
N/mm? and 2.025x10° N/mm? respectively. According to GB50017 (201, the flexu-
ral buckling strength of the test column N,.0c=394.2 kN and the applied axial force
on the column was 236.7 kN. Hence, the axial load ratio of the test column were
PN=N/N¢0=0.6. The initial imperfection was simulated using a 1000 N laterally
concentrated load acting at the column mid-span.

The restraint beam was 3 m long, pin-ended at both ends bending around its
major axis. The measured yield strength and Young’s modulus of steel at ambient
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temperature were 245 N/mm? and 1.95x 10° N/mm? respectively. The dimension of
the restraint beam was

e H180x%200 in Test O1: the flange width and overall depth were 180 mm and 200
mm, the flange and web thickness were 12 mm and 6 mm, respectively;

e H180x%240 in Test 02: the flange width and overall depth were 180 mm and 200
mm, the flange and web thickness were 12 mm and 6 mm, respectively.

The restraint stiffness is listed in Table 8.1. The axial restraint stiffness was
kj=48E,I,/ lg, the rotational restraint stiffness provided by the restraint beam
k,=12EpIp/l,. Ej, and I, are Young’s modulus and the moment of inertia of the re-
straint beam respectively. [, is the length of the restraint beam, k. g=E.A./l. is the
axial stiffness of the restrained column at ambient temperature, k.o=4E I/l is the ro-
tational stiffness of restrained column at ambient temperature, E. and A, are Young’s
modulus and cross-section area, /. is the column length, f;=k;/k. o and B,=k./k¢ are
the axial and rotational restraint stiffness ratios respectively.

Table 8.1 Restraint stiffness

. Axial restraint (N/mm) Rotational restraint (N/mm)
No. Section
k[ kC,O ﬁl kr kr,O Br
TestOl  HI80x12x200x6 1.49x10* 5 0.093  3.36x10'° ¢ 107.8
1.61x10 11x10
Test 02 H180x12x240x6 2.23x10% 0.138  5.02x10'0 161.1

Parts of the restraint beam, the testing frame and the load arm were in the furnace.
The restraint beam was fire protected by wrapping up in a 10 mm thick ceramic fibre
blanket. The testing frame and the load arm were were protected using a layer of 40
mm thick sprayed fire-protection coating plus a layer of 10 mm thick ceramic fiber
fire-protection blanket.

8.1.2 Displacement and Temperature Acquisition

Linear Variable Displacement Transducers (LVDTs) were used to measure the col-
umn axial displacement and the lateral deflection. Positions of LVDTs are shown in
Fig. 8.2(a). D1 and D2 were used to measure the deformation of the testing frame,
D3, D4 and D5 were to measure the lateral displacement of the tested column. Spe-
cially fabricated probes were used to transfer the column lateral deflection outside of
the furnace, as shown in Fig. 8.3. The axial displacement of the restrained column
was measured through the lateral displacement of the load arm top and the amplifi-
cation factor was 2.3667.

Furnace temperatures and specimen temperatures were closely monitored by
thermocouples. CO1 to C12 in Fig. 8.2(a) and Fig. 8.2(b) indicate positions of ther-
mocouples. D1 to D6 are Linear Variable Displacement Transducers.
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8.1.3 Test Schedule

The test schedule was as follows:

(1) apply 1000 N lateral load at the middle span of tested column;

(2) apply 236.7 kN axial force to the column;

(3) tighten high strength bolts at the two ends of restraint beam;

(4) start fire;

(5) the axial load was maintained constant during the fire test;

(6) when the temperature of the tested column reaches 800 °C, stop the fire.

8.1.4 Test Results
8.1.4.1 Furnace Temperatures

The fire temperature was designed to follow the ISO834 standard fire curve!!l. Mea-
sured temperatures of the two tests are shown in Fig. 8.4. Recorded temperature-time
curves were very close to the standard fire curve.

8.1.4.2 Temperatures of the Reaction Frame and the Load Arm

Measured temperatures of the reaction frame and the load arm were not exceeding
90 °C, confirming that the two layered fire protection was very effective.
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8.1.4.3 Temperatures of the Restraint Beam

The lower part of the restraint beam was in the furnace (section C09 in Fig. 8.2(a)),
with fire protection of a 10 mm thick ceramic fibre blanket. And the upper part of
the restraint beam was outside of the furnace (section C10 in Fig. 8.2(a)) without
fire-protection. Measured temperatures of the restraint beam are shown in Fig. 8.5.
The higher temperature in the upper part of the restraint beam was due to leakage
of hot smoke from the furnace. The non-uniform temperature distribution along the
restraint beam was taken into consideration when calculating the restraint stiffness.

8.1.4.4 Temperatures of the Restrained Column

The restrained column was not fire protected. The section factor (F/V') was as great
as 424.6 m~!. Its temperature increased very quickly in the test, being almost the
same as the fire temperature, see Fig. 8.6. Temperatures at position C11 and C12
were nearly the same, which means a uniform temperature distribution along the
tested column.

8.1.4.5 Displacements of the Reaction Frame

Displacements of the reaction frame were shown in Fig. 8.7. The maximum displace-
ment was only about 3 mm, which was much smaller than the lateral deflection and
axial displacement of the tested column, as shown in Fig. 8.8 and Fig. 8.9. Thus the
testing frame was treated as rigid and its deformation is ignored.
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8.1.4.6 Lateral Deflections of the Restrained Column

Fig. 8.8 shows the lateral deflections of the restrained column with the elevation in
temperature. The lateral deflection remained very small before the column buckled.
When the column temperature reached the buckling temperature, being 530 °C for
the column in Test 01 and 490 °C for the column in Test 02, the column lateral
deflection increased suddenly. Then a new stable state was reached. In the column
Test 01, the LVDTs stopped working after the column buckled.

The axial restraint stiffness ratio is 0.093 in Test 01 and 0.138 in Test 02. The
axial restraint would influence the lateral deflection of the column in two ways:

e The deflection of the restrained column with greater axial restraint stiffness (the
column in Test 02) started to increase from a relatively low temperature, as
shown in Fig. 8.8. This was caused by a faster increase in its axial force which
in turn caused a bigger second-order bending moment.

e The restrained column with a greater axial restraint stiffness could find a new
equilibrium state with a smaller deflection. For the column in Test 02, when the
new stable state was reached, the lateral deflection at the mid-span of the column
was about 180 mm. However, for the column in Test 01, the new stable state was
not reached even when the mid-span deflection exceeded 200 mm.

8.1.4.7 Axial Displacements of the Restrained Column

The temperature at which the axial deformation of a restrained column reaches its
maximum value is defined as the buckling temperature, because shortening of the
column under heating indicates a sudden large lateral deflection and buckling. As
shown in Fig. 8.9, the buckling temperatures of the column in Test 01 and Test 02
were 530 °C and 490 °C respectively. Maximum axial deformations of the column
in Test 01 and Test 02 were about 38.5 mm and 24.0 mm respectively when they
buckled. The start of column shortening was accompanied by a high shortening rate.
Due to the axial restraint, a new equilibrium state was found after which the rate
of column shortening slowed down. For the column with greater restraint stiffness,
the new stable state was reached at a smaller displacement. As shown in Fig. 8.9,
axial deformations of the column in Test O1 and Test 02 were 75.2 mm and 40.5 mm
respectively when the new stable states were reached.

Rodrigues et al.['!, Franssen'*!, Neves et al.['>) and Wang 16! all define the fail-
ure temperature of a restrained column as the temperature at which the axial force
of a restrained column returns to its initial value. Following this definition, the fail-
ure temperatures of the column in Test 01 and Test 02 were 549.7 °Cand 515.8 °C
respectively. The differences between the buckling and failure-temperature of the
restrained column were only about 20 °C. The improvement in failure temperature
of the tested column is not obvious by taking into consideration the post-buckling
phase. However, this difference will increase with a reduction in the load ratio or an
increase in the axial restraint stiffness [!1:1415:16],
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8.1.4.8 Residual Deflection of the Restrained Column

The residual deformation of a tested column after tests is shown in Fig. 8.10. The
restrained column experienced very large deflection in tests and the lateral deflection
only recovered a little. The residual deflection was about 300 mm.

The rotational restraint reduces the buckling length of the column. The
CECS200[?! simply adopts the effective length factor prescribed in the ambient
temperature design code??). However, it can be seen from Fig. 8.10 that the effective
length factor of the column was about 0.5.
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(b) Residual deflection of the restrained column in Test 02

Fig. 8.10 Residual deflection of the restrained column

8.1.5 Numerical Simulation of the Fire Test

The general finite element software ABAQUS >3 was used to simulate the fire test.
The restrained column is simulated by using the linear beam element B31. The spring
element SPRING2 was used to model the axial or rotational restraint.
Geometrically nonlinear static problems sometimes involve buckling or tempo-
rary failure behavior, where the load-displacement response shows a negative stift-
ness and the structure must release strain energy to remain in equilibrium. ABAQUS
provides an automatic mechanism for stabilizing unstable quasi-static problems

through the automatic addition of volume-proportional damping to the model?3!,

8.1.5.1 Numerical Simulations of the Restraint Beam

The numerical analysis of the fire test was performed in two steps. Firstly the restraint
beam was analyzed to obtain the restraint stiffness and secondly the restrained col-
umn was analyzed using the calculated restraint stiffness. Analytical models of the
restraint beam and the restrained column are shown in Fig. 8.11.

The force-displacement of the restraint beam was obtained by ABAQUS using
recorded temperatures and deflection results, as shown in Fig. 8.12. The high tem-
perature material model provided in EN1993-1-22?! was used here. Calculated axial
restraint stiffness was 1.42x10* N/m and 2.12x10* N/m respectively, which was
nearly the same as hand calculated results, as listed in Table 8.1.

8.1.5.2 Numerical Simulations of the Restrained Column

The restraint provided by the restraint beam was represented by a spring element
when simulating the restrained column. An energy dissipation factor sensitivity study
was carried out to choose the proper value for simulating behavior of a restrained
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column in a fire. The initial imperfection of the column follows a half sine curve
with at the deflection of L/1000 at mid-span.

The energy dissipation factor ¢, has a default value of 0.2x 1073 that is suitable
for most applications, but the appropriate value is problem dependent and the user
has the option of specifying a non-default value to achieve good accuracy if neces-
sary. Its proper value should be determined by trial and error. Here, the restrained
column was analyzed using five energy damping factors, 0.2x107!, 0.2x1072,
0.2x 1073 (default value), 0.2x10~* and 0.2x 107>, The element type was B31 and
the column was divided into 32 elements. Calculated results are shown in Fig. 8.13
and Fig. 8.14.
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The lateral deflection of the tested column from ABAQUS simulation agrees
well with test results, as shown in Fig. 8.13(b) and Fig. 8.14(b). However, there is a
big gap between the tested axial displacement and analysis results, as shown in Fig.
8.13(a) and Fig. 8.14(b). It may be caused by the error in axial restraint stiffness.
The actual axial restraint stiffness is less than that assumed in ABAQUS simulation
because of the thermal bowing.

8.2 Parametric Study of Restrained Steel Columns in a Fire

Wang %!, Franssen!!*, Neves et al.[') studied behavior of the axially restrained
steel column under axial load in a fire. Huang et al.[2423] Valente and Neves!!7)
have numerically explored behavior of the steel column with both axial and rota-
tional restraints exposed to a fire. Huang and Tan?®! investigated effects of the bend-
ing moment on behavior for both axially and rotationally restrained columns. How-
ever, these parametric studies of the restrained steel columns are mainly focused on
the behavior of the axial force-temperature evolution curves and lateral deflection-
temperature evolution curves. More systematic studies including

o the failure temperature;

o the difference between the failure temperature of an unrestrained column and
restrained columns; and

o the difference between the failure temperature and the buckling temperature of
a restrained column

are still necessary.
Results of parametric studies will form the basis of a simplified calculation
method for evaluating the fire-resistance of a restrained steel column.
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Fig. 8.13 Analysis results of the restrained column in Test 01
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Fig. 8.14 Analysis results of the restrained column in Test 02

8.2.1 Parameters

For the restrained steel column under axial load only, studied parameters include

e the axial load ratio py;
e the axial restraint stiffness ratio §; and
o the slenderness ratio A.
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For the restrained steel column under combined axial load and bending moment,
studied parameters include

the axial load ratio py;

the bending moment load ratio py;

the axial restraint stiffness ratio f3;;

the slenderness ratio A and

the ratio between two end moments ¢.

8.2.1.1 Parameter Definition

The axial load ratio py is defined as

Py
N, cr,0

PN = 8.1
where Py is the design axial force of a steel column in a fire situation, N, is the
flexural buckling resistance of the steel column at ambient temperature calculated
according to GB50017 201,

The bending moment load ratio py, for a restrained column under combined axial
load and bending moment is defined as

M,

= (8.2)

Pm

where M, is the numerically larger one of the two end bending moments M; and M>,
M,, is the bending moment resistance of the column under combined axial force and
bending moment calculated according to GB500172% as

Py
Wi 1.0-0.8
! < Ngx>

P
My,=110— 8.3
b < Ncr,0> ﬁmx ( )

By substituting Eq.(8.1) into Eq.(8.3), M, is reformulated as

Ne
Y Wi (1.0—0.8pNN‘,’0>
EX

My = (1.0— py) 5 (8.4)
where B, is the equivalent moment factor?°! given by
Binx = 0.65 —0.35004 (8.5)
oy 1s the ratio between two end moments as
o % (8.6)
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which is positive if the column is bending in double curvature and negative if the
column is bending in single curvature and N is a parameter given by
, T EA

EX = 1122 ®.7)

The axial restraint stiffness ratio §; and rotational restraint ratio 3, are defined as

k;
= 8.8
Bi ko (8.8)
and .
.
= 8.
B- ko (8.9

8.2.1.2 Failure Criteria

The buckling temperature of a restrained column 7, , is the temperature at which the
column buckles and the axial compressive force in the column reaches its maximum
value and starts to reduce. And the failure temperature of a restrained column 7, ¢
is the temperature at which the axial force in the column returns to its initial value to
support the design load effect. If large deformation is permitted for a framed structure
exposed fire, the design objective can adopt the failure temperature. Otherwise, the
design objective should adopt the buckling temperature.

The failure temperature of an unrestrained column 7%, r is the temperature at
which the column fails to resist its initial load effects. It can be treated as a special
case of a restrained column when the axial restraint stiffness equals zero. The current
structural fire design codes [21.22] have described methods to calculate Ttree,f-

The cross-section of the column for parametric studies was H200x 14 x250x 10.
The yield strength and Young’s modulus of steel at ambient temperature are 235
N/m? and 2.05x 10° N/m? respectively. The elevated temperature material properties
follow the recommendation of ENV1993-1-2122!, Parametric studies were performed
using the calibrated ABAQUS 23! model.

8.2.2 Parametric Study on a Restrained Steel Column under Axial
Load Only in a Fire

8.2.2.1 Failure Temperature

With the increase in the axial load ratio, T, s decreases. But for the column with
different axial restraint stiffness ratios, the decrease in 7., ¢ is different. For example,
as shown in Fig. 8.15, for the column without any axial restraint, when py increases
from 0.1 to 0.9, T, s drops from 750 °C to 350 °C; but for the column with f8; of
0.5, Ty, drops from 680 °C to 100 °C.

The relationship between A and 7, is very complicated, as shown in Fig.
8.15(c). For columns with f§; less than 0.01, with an increase in A, Ty ¢ deceases
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first; but when A is greater than 80, T, s increases with the increase in A. This has
been noticed by Wang ' and is due to the greatest reduction in the stiffness of the
column when the column slenderness is at a medium value. For columns with high
axial restraint stiffness, the phenomenon disappears. The column is governed by the
increasing force so columns with greater slenderness generally have lower failure
temperatures.

8.2.2.2 Difference between Failure Temperatures of the Unrestrained and Restrained
Column

Fig. 8.16 shows Ty f-Tres,f against py. For the column with f3; less than 0.002,
Ttree,f-Tres,y is very small, being only about 60 °C for the column with py of 0.1 and
only 10 °C for the column with py greater than 0.3. That is to say, effects of §; on
the failure temperature of a restrained column are insignificant when f3; is small. For
columns with f8; greater than 0.05, the axial restraint causes a great reduction in the
column failure temperature.

8.2.2.3 Difference between Buckling and Failure Temperatures of a Restrained Column

For a column with small 3;, such as those with 3; less than 0.02, Ty, p-Tres  is very
small, say less than 50 °C, furthermore it is not affected by py and A, as shown in Fig.
8.17. For a column with high axial load, T,.s, r-T;.s,» depends on py. For example, for
the column with f; of 0.5 in Fig. 8.17(a), when py is 0.1, Tres, f-Tresp is about 500
°C. And when py is 0.8, Ty, f-Tres p is only 50 °C. That is to say, for a lightly loaded
column the column can find the new stable position much more easily than a heavily
loaded column, and the failure temperature of a restrained column can be improved
from its buckling temperature. Tyes r-Tres Keeps on increasing with an increase in
axial restraint stiffness, as shown in Fig. 8.17(b).

For a column with high axial restraint stiffness, Tres r-Tresp Will decrease firstly
and then increase with an increase in A, as shown in Fig. 8.17(c). The minimum
value of Ty r-Tres, OCcurs when A is about 100.

8.2.3 Parametric Study of a Restrained Column under Combined
Axial Load and Bending Moment in a Fire

8.2.3.1 Failure Temperature

From Fig. 8.18(a) and Fig. 8.18(b), it can be seen that with the increase in py and
Pums Tres, r decreases. The failure temperature of a restrained column with great axial
restraint stiffness is much lower than that with small axial restraint stiffness 18271,

Fig. 8.18(c) shows that when f3; increases, Ty, 7 also decreases; but when B is
greater than a critical value, here it is 0.1, T s is not affected by f; any more, as
shown in Fig. 8.18(c).
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Fig. 8.15 Failure temperatures of the restrained column under axial load only
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Fig. 8.16 Difference between failure temperatures of the unrestrained and restrained column

When the column slenderness increases from 40 to 60, T s decreases; how-
ever, when A is greater than 60, Tes,y does not change much when A increases, see
Fig.8.18(d).

Effects of oy on T r depend on B;. As shown in Fig. 8.18(e), for columns with
smaller B, T,.s,r decreases more with the increase in oy,. So for the column with
B=0.001, when o increases from —1.0 to 1.0, the decrease in T, £ is about 100
°C; however, for the column with $,=0.050, the decrease in Tres, 5 is about 20 °C.

8.2.3.2 Difference between Failure Temperatures of the Unrestrained and Restrained
Column

For columns with f; less than 0.02, Tfree, f-Tres, s 1s not affected by py, as shown in
Fig. 8.19(a), indicating that it is not necessary to consider effects of axial restraint.
For the column with f3; greater than 0.02, Ty, f-T,cs,f increases with an increase in
pn» and the maximum difference can reach 150 °C at the particular bending moment
ratio. Contrary to the effect of the axial load ratio, an increase in the bending moment
ratio will reduce the temperature difference, as shown in Fig. 8.19(b). That is to say,
for columns with greater bending moments, the effect of axial restraint on the failure
temperature of a restrained column becomes less significant.

Ttree, f-Tres, 5 increases with an increase in 3, as shown in Fig. 8.19(c). However,
when f; is greater than 0.1, T, r-Tres,f 18 nOt sensitive to f3;.

For columns with f3; less than 0.02, Ty, ¢-Tres,r is not sensitive to A, as shown
in Fig. 8.19(d). Tyree, f-Tres,r slightly decreases with an increase in @y, as shown in
Fig. 8.19(e).
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Fig. 8.17 Difference between failure and buckling temperatures of the restrained column
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Fig. 8.18 Failure temperatures of the restrained column under combined axial load and bend-
ing moment

8.2.3.3 Difference between Failure- and Buckling-temperatures of Restrained Column

For columns with a small 3, such as for columns with f; less than 0.02, Ty, FTresp
is small, generally less than 50 °C, and it is not affected by pn, pa, A and oy, as
shown in Fig. 8.20. For columns with high f;, Tyes r-Tres» depends on py, or py. For
example, as shown in Fig. 8.20(a) and Fig. 8.20(b), for a column with f3; of 0.5, when
pw is 0.1, the temperature difference is about 225 °C; when py is 0.7, the difference
is only 25 °C.

With an increase in B, Ty r-Tres » increases, as shown in Fig. 8.20(c). It is dif-
ferent to Tyree, f-Tres,r» as shown in Fig. 8.20(c). This is because, with the increase in
B, both the buckling temperature and failure temperature of the restrained column
decrease. However, after §; reaches the critical value, there is no further reduction
in the column failure temperature; but the column buckling temperature keeps on
reducing.
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Fig. 8.19 Difference between failure temperatures of the unrestrained and restrained column
under combined axial force and bending moment

For columns with high B, Ty r-Tres decrease firstly with the increase in A.
When A is greater than 60, it decreases at a slow rate, as shown in Fig. 8.20(d).

Tres,r-Tres,» decreases with the increase in 0y, as shown in Fig. 8.20(e). However,
if B is less than 0.1, which is it in most realistic structures, effects of ay; are small
with the temperature differences being less than 20 °C.

8.3 Simplified Design Method for Restrained Steel Columns in a
Fire

Present fire resistance design codes!?>"??! are mainly based on isolated structural
members, which only adopt the design procedure at ambient temperature by using the
reduced strength and stiffness of steel at elevated temperatures. Only a limited con-
sideration is given to interactions among structural members under fire conditions.



8.3 Simplified Design Method for Restrained Steel Columns in a Fire 215

300 —a— (=0.001

A=80; £,=0.7;a,—1.0;8=0 e 0,002

—&— f=0.005

—v— B=0.010

<« B=0.020

»— $=0.050

\ —e— $=0.100

™~ —ea— [=0.200

\\ \\\ *— f=0.500

%0 — \\.—-— £=10.00
0 T T T T —
0.1 0.2 0.3 0.4 0.5 0.6 0.7

P,
(a) Effects of the axial load
4007 7=80; £, ~0.3;0,~1.0; B=0 —=— Ar0001
—e— (=0.002

T

5 300 1.\\\*\\

~

P

M

(b) Effect of the bending moment

6007 —=—p, =01 2=80; £,=0.1;a,~1.0; B=0
1 —e—p,=03
500
| —a—p,=05
:L-)\ 400 - . a pM =0.7
——p, =09
5 300 4
T
200 -
100 -
O T T 1 T
1E-3 0.01 0.1 1 10

B

(c) Effect of the axial restraint



216 8 Fire-Resistance of Restrained Steel Columns

300 £,=0.5; £, =0.5; o,,==1.0; =0 —=— f=0.001
1 B=0.002
2501 —a— [£=0.005
\ v £=0.010
5 200

L £=0.020

= Yo =
<150 - £=0.050
' NG —+— $=0.100
~ 100 N —e— $~0.200

0 T T T T T 1
40 50 60 70 80 90 100
A
(d) Effect of the slenderness
240
24=80; ,=0.5; £,=0.5; B=0 —=— £=0.001
2004 A $=0.002
—A— £=0.005
— \ ﬁl
© 1604 S — +— $=0.010
o \NT
&g £=0.020
12
\\» 0 1>\\‘\ — [=0.050
g —— F—
=~ 2o ~~_ £=0.100
1\\\ \.\*‘._‘._. —*— £=0.200
40 £=0.500
| . A == ~10.00
0T—— - . s

-1.00 -0.75 -0.50 -0.25 0.00 0.25 0.50 0.75 1.00
Oy

(e) Effect of the end moment ratio

Fig. 8.20 Difference between failure and buckling temperatures of the restrained column under
combined axial load and binding moment

EN1993-1-2[22! includes the effect of structural continuity in a fire by reducing the
column buckling length. As presented above, the axial restraint to the column causes
areduction in the buckling and failure temperature of the steel column. Design meth-
ods should consider the effects of the axial restraint.

Elastic methods have been developed to predict the buckling temperature of re-
strained columns in a fire. Huang and Tan [>*! proposed a Rankine Approach for de-
termining the buckling temperature of an axially and rotationally restrained column.
Tan and Yuan!?®! calculated the buckling temperature of an axially restrained col-
umn with longitudinal non-uniform temperature distribution using the Euler Equa-
tion. However, since the failure temperature of a restrained column is reached in the
post-buckling phase, elastic theory is not applicable.

If one accepts that the fire resistant design objective of the restrained steel column
is met when the column load carrying capacity is sufficient to sustain its initial load,
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then the column failure temperature may be defined as that at which the column axial
load returns to its original level. Thus, the restrained steel column has two ultimate
states in a fire situation as failure model I and failure model II. And correspondingly,
there are two critical temperatures for the restrained steel column, the buckling tem-
perature and the failure temperature. These two temperatures are illustrated in Fig.
8.21 and the buckling temperature will not exceed the failure temperature. If a large
structural deformation in a fire is not permitted or to avoid the dynamic effects of
sudden column buckling, then the column should be designed so that its tempera-
ture rise does not exceed the buckling temperature; otherwise, the column may be
designed to sustain the failure temperature.

4 Axial force . .
_ Flexural buckling resisitance of a steel column
* with a certain slenderness and axial load
= ]
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.‘ | "8 Tm_/ >Tm,b
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Fig. 8.21 Failure models of a restrained steel column in a fire

8.3.1 Design Method for Restrained Columns under Axial Load
Only in a Fire

8.3.1.1 Structural Responses of the Restrained Column under Axial Load Only

Fig. 8.22 shows simulation results of a series of restrained steel columns in a fire.
As shown in Fig. 8.22(a) and Fig. 8.22(b), before a restrained column buckles, the
axial force in the restrained column increases linearly and bending moments remain
small. Therefore, the restrained column can be treated as an axially loaded column
with increased axial force due to the restraint thermal expansion [18-2-301,

After the column buckles, the axial force in the restrained column is reduced
and the bending moment increases significantly. The restrained column is loaded
under the combined axial force and bending moment. To characterize the column



218 8 Fire-Resistance of Restrained Steel Columns

N..ABAQUS results  Slenderness radio 2=80
12 Restraint stiffness radio 5,=0.05

N,, zCECS200 results

~ —a P, =0.10
z « p,=020
g “ p,=030
& « p,=0.40
& '
% + P, =0.50
B “ p,=0.60
=
» p,=0.70
= p,=0.80
0.0 ey . e . | = py=0.90
0 100 200 300 400 500 600 700
Temperature ('C)
(a) Axial force-temperature evolution curve
il M, :CECS200 results
175 B
s M, :EC3 results
150 —a p,=0.10
; 125 « P, =020
=) “ P, =030
g 10 - p,=0.40
g 75 . £, =050
g « p,=0.60
5 0 # P, =0.70
= 25 « p,=0.80
- p,=0.90
0 . VR —
0 100 200 300 400 500 600 700
Temperature (C)
(b) Bending moment-temperature evolution curve
1.75 Slenderness radio =80
Axial restraint stiffness radio =0.02
1.50 =
125 T £y =0d
< « p=02
S 100 “p,=03
5 - p,=04
=5 0.75 .
g v P, =05
0.50 - ©p06
i = p,=0.7
0.25 + « p,=08
0.00 P09

0 100 200 300 400 500 600 700 800
Temperature (C)

(¢) N/N¢.7+M /M, 7-temperature evolution curve



8.3 Simplified Design Method for Restrained Steel Columns in a Fire 219

Slenderness radio=80
1.2 7 Axial restraint stiffness radio=0.02

1.0 4 i f.od"'
| ! ; . —e—p =0.1
-~ 08 ' e * P02
I1 « p,=03
s + p,=04

. p,=0.5

NIN, +MIM,
(=)
[*)

0.4 - P, =0.6
w p =07
0.2 == - = 0,=0.8
T £, =0.9

00 T T T T T T ¥ 1

0 100 200 300 400 500 600 700 800
Temperature (C)
(d) N/N,7+M /M, r-temperature evolution curve

Fig. 8.22 Behavior of the restrained column under axial load only in a fire

loading condition, a number of axial load-bending moment interaction curves may
be used. For simplicity, the linear form is considered in this study. The axial force-
bending moment interaction curves may be represented by either N/N.,.7+M/M, 7 or
NIN, r+M/M), 7, as shown in Fig. 8.22(c) and Fig. 8.22(d). Where N and M are the
axial force and mid-span bending moment in the column, N, is the flexural buck-
ling resistance of the column at elevated temperature calculated by CECS2002!,
N,r and M, r are the axial yield strength and plastic bending moment capacity of
the column at elevated temperature respectively. From Fig. 8.22(c) it can be seen
that, if N/N,,.7+M/M, 7 is used to represent the column axial force-bending moment
interaction relationship, its value is much greater than 1.0 when the column fails.
However, if N/N, 7+M/M,, 1 is used to represent the axial force-bending moment in-
teraction relationship, when the column fails, its value is approaching 1.0, as shown
in Fig. 8.22(d). This clearly suggests that the restrained column fails because the
cross-section of the column has reached its plastic resistance. This will be used in
the following section to develop a practical design method.

8.3.1.2 Design Method for the Buckling Temperature of a Restrained Column under
Axial Load Only

e Design equation

Before the restrained column buckles, it can be designed as an axially loaded col-
umn. Compared to the design equation of an unrestrained column in a fire, the only
difference is that the axial force should include the additional axial force due to axial
restraint. The design equation is
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N
=1.0 (8.10)
Ncr,T
and

N = Py+kju; (8.11)

where y; is the axial displacement of the column calculated by

k. P Py

u = &l — —+— 8.12
s ( s koo (8.12)

Since the buckling temperature is unknown, an iterative procedure should be fol-

lowed.

The buckling temperature of the restrained column 7, should not be higher
than the failure temperature of the unrestrained column under the initial axial force

Tfree,f

Tres,b < Tfree,f

e Verification of the buckling temperature equation
Fig. 8.23 compares ABAQUS predicted column buckling temperatures and those
calculated by using Eq.(8.10).

(8.13)

8007 Failure temperature of unrestrained column: Slenderness ratio=80
700 ™ - gred@cated by ABAQUS ABAQUS results:
redicated by CECS200 = $=0.010

600 e ~ $=0.050
5004 —7 *— f=0.100
o - = £=0.500
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&~ 3004 R B . ) — £=0.010
R e B=0.050

Wp—e g | S * ——p=0.100
100 MR $=0.500

0 : : . : : .
01 02 03 04 05 06 07 08 09

Axial load ratio

Fig. 8.23 Verification of the buckling temperature equation for the restrained column under

axial load

Generally speaking, the buckling temperature 7, predicted by Eq.(8.10) and

ABAQUS agree well for columns with a small py and a small ;. As shown in
Fig. 8.23, when f; is less than 0.05, T, predicted by Eq.(8.10) is slightly greater
than that by ABAQUS, the difference being about 20 °C. When f; is greater than
0.10, T p predicted by Eq.(8.10) is lower than that by ABAQUS. The maximum
difference is about 150 °C, which occurs when f; is 0.1 and py is 0.9.
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8.3.1.3 Design Method for the Failure Temperature of a Restrained Columns under
Axial Load

e Design equation
After the column buckles, it is loaded under the combined axial force and bending
moment. The design equation is

N n N.w
Ncr,T Mp,T

=10 (8.14)

According to the definition of the failure temperature of a restrained column
N=Fh (8.15)

w is the lateral deflection of the restrained column at failure. The column lateral
deflection causes an additional column shortening u. and they are related in the fol-
lowing way

2
e = g;WT (8.16)

where £ is a parameter which depends on the shape of the deflection curve. For
example, if the deflection curve is a parabolic, £=8/3.
u. and the displacement of the axial restraint u; satisfy

P,
Ml—l—uC:E[hl-i-iO

c,0
kju; = AP 8.17)
keue = po+ AP

Considering Eq.(8.16), the relationship between u; and w is expressed as

u = aw72 (8.18)
hence,
W= %l (8.19)
o is a function of A, B; and py
a= oA, B, pN) (8.20)

The expression of ¢ can be obtained by curve fitting ABAQUS simulation re-
sults, as shown in Fig. 8.24, as

O = Cp,CpCp 2= 2.5

Con = 1.18px +0.54 ﬁ

cp, = 45.96e 7 —5.77¢” 75T —38.85
c) = 18.42e’3(5% +2.11

8.21)



222 8 Fire-Resistance of Restrained Steel Columns

The failure temperature of a restrained column 7, ¢ should be lower than the
failure temperature of an unrestrained column under the same load T/, r, but higher
than the buckling temperature of a restrained column 7, as

Tres,h < Tres,f < Tfree,f (822)

e Verification of the failure temperature equation by ABAQUS
To assess the accuracy of the proposed method for calculating 7., r, a comparison is
made between Eq.(8.14) predictions and ABAQUS simulations.

The comparison is shown in Fig. 8.25. For columns with py less than 0.6, Ty ¢
obtained by Eq.(8.14) and those by ABAQUS simulation agree well, as shown in
Fig. 8.25. For columns with higher py, if 3 is less than 0.02, T,., s calculated by
Eq.(8.14) agree well with those of the ABAQUS simulation, as shown in Fig. 8.25.
Otherwise, there exist differences between failure temperatures predicted by the two
methods. For example, for the column with py of 0.9 and f; of 0.05, Ty, s predicted
by Eq.(8.14) is about 100 °Cand that by ABAQUS is about 220 °C, as shown in Fig.
8.25. This large difference is primarily due to the difference between the ABAQUS
simulation result and CECS200 calculation of column failure temperature at high
loads. Fortunately, Eq.(8.14) tends to predict safe (lower) results. Also in practice,
the initial axial load ratio rarely exceeds 0.6.

The failure temperatures of an unrestrained column under different axial load
ratios are also shown in Fig. 8.25. It is clear to see that T, ¢ is lower than Ty f.
The column with a greater the axial load ratio and axial restraint stiffness ratio has a
lower failure temperature.

8.3.2 Design Methods for the Restrained Columns under Combined
Axial Load and Bending Moment

8.3.2.1 Structural Responses of the Restrained Column under Combined Axial Load
and Bending Moment

As shown in Fig. 8.26(a) and Fig. 8.26(b), before the restrained column buckles,
the axial force in the restrained column increases linearly and the bending moment
changes little. Hence, for determining the buckling temperature of a restrained col-
umn, the design equation for the unrestrained column can be used, but with increased
column axial load due to the restraint thermal expansion.

After buckling, the axial force in the restrained column drops and the bending
moment increases. Again, as shown in Fig. 8.26(c) and Fig. 8.26(d), the N/N.,r+
M/M, 7 interaction curve is more appropriate for defining the ultimate failure state
than the N/N,, 7+M/M, r interaction curve.

8.3.2.2 Design Method for the Buckling Temperature of a Restrained Column under
Combined Axial Load and Bending Moment

e Design equation
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Fig. 8.25 Verification of the failure temperature equation of a restrained column under axial
load

Before the restrained column buckles, the axial force increases linearly and the bend-
ing moment changes little. The design equation is

NZT + B = 1.0 (8.23)
A (1.00.8]%))
where 2
EX = 112 (8.24)

N is calculated by Eq.(8.11), ¥ is the plastic factor of the section. Wy, is the elastic
modulus of the cross-section.

The buckling temperature of the restrained column should not be higher than the
failure temperature of the unrestrained column.

e Verification of the buckling temperature equation
To check the accuracy of the proposed method, ABAQUS simulations have been run.
Calculated results are shown in Fig. 8.27.

From Fig. 8.27(a), it can be seen that, for columns with f; less than 0.05, 7, ves,b
predicted by Eq.(8.23) is greater than that by ABAQUS by about 80 °C. However,
for columns with f; greater than 0.1, T}, 5 predicted by Eq.(8.23) is less than that of
ABAQUS by about 50 °C. The difference between buckling temperature predicted
by ABAQUS and Eq.(8.23) becomes greater for columns with bigger py, as shown in
Fig. 8.27(a) and Fig. 8.27(b). Again the difference is primarily due to the difference
between the ABAQUS simulation result and CECS200 calculation of unrestrained
column buckling resistance at high temperature. Fortunately, in practice the initial
axial load ratio rarely exceeds 0.6.
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Fig. 8.26 Behavior of restrained column under the combined axial load and bending moment
in a fire

For columns with ayy greater than —0.25, T, ;, predicted by Eq.(8.23) agree well
with that by the ABAQUS simulation, as shown in Fig. 8.27(c).

8.3.2.3 Design Method for the Failure Temperature of a Restrained Column under
Combined Axial Load and Bending Moment

e Design equation
The design equation for the failure temperature of the restrained column is
N L Nw + BpMy
Nu,r Mp 1

=1.0 (8.25)

where N is calculated by Eq.(8.15). Similar to the restrained column under axial
load,the maximum column lateral deflection is calculated by

Mll
=4\/— 8.26
w - (8.26)

where u; is calculated using Eq.(7), « is a function of py, pu, B, A and s as

a:a(pN7pM7ﬂL7)“7aM) (827)
The expression of ¢ is obtained by curve fitting ABAQUS results (Fig. 8.28):

O = CpyCpyCpCACay = 2.5

¢y = 1.10py +0.06

cpy = —1.60py +2.10 (8.28)
cp = 4,72~ 007 +205.35¢~ THET — 203.32

1 = 10.87e~ W6m —7.70
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Fig. 8.27 Verification of the buckling temperature equation for a restrained column under
combined axial load and bending moment
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e Verification of the failure temperature equation by ABAQUS simulation

To check the accuracy of the proposed method, ABAQUS simulations have been
carried out. Fig. 8.29 compares the column failure temperature obtained by Eq.(8.25)
and from ABAQUS simulation.

For columns with f8; lower than 0.02, 7, s predicted by Eq.(8.25) is greater
than that from the ABAQUS simulation. With an increasing load ratio, the difference
between the failure temperature obtained by the two methods increases, as shown
in Fig. 8.29(a) and Fig. 8.29(b). For columns with greater 3;, Ty.s s predicted by
Eq.(8.25) is slightly lower than those by ABAQUS.
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Fig. 8.29 Verification of the failure temperature equation for a restrained column under com-
bined axial load and bending moment



8.4 Columns with Non-Uniform Temperature Distribution 231

Except for oy = —0.75, T ¢ predicted by Eq.(8.25) is not affected by oy, as
shown in Fig. 8.29(c). Eq.(8.25) gives a slightly higher failure temperature.

e Verification of the failure temperature equation by fire tests

The comparison of T s predicated by Eq.(8.25) and fire test results are listed in
Table 8.2. It can be seen that T, ¢ calculated by Eq.(8.25) is a little lower than the
tested result, which shows that the proposed method is precise enough, and falls on
the safe side.

Table 8.2 Comparison of tested- and calculated-failure temperatures

T, °C
Test No. rest (C) Error
Proposed Tested
Test 01 469.4 549.7 —14.6%
Test 02 470.2 515.8 —8.5%

8.4 Fire-Resistance of Restrained Columns with Non-Uniform
Temperature Distribution

A few numerical studies have been carried out to investigate effects of partial fire
protection damage. Wang et al.[?! conducted finite element analysis to predict the
temperature distribution of steel columns with partial fire protection loss and found
that the length and location of fire protection loss has little impact on the temperature
distribution over the length of a steel component. Wang et al. 32! proposed a method
to predict the stability capacity of a restrained steel column based on the principle of
minimum potential energy .

Tomecek and Milke®3! carried out a two-dimensional finite element study to in-
vestigate effects of fire protection loss on the fire resistance of steel columns, and
showed that a 4% loss of protection resulted in a 15% reduction in the critical time
for a one-hour rated W10x49 column and a 40% reduction in the time for a two-hour
rated W10x49 column. Ryder et al. **! conducted a three-dimensional finite element
analysis on a steel column with partial fire protection damage and showed that the
fire resistance of the column can be severely diminished if even a small portion of the
protection is removed. Kang et al. >3] carried out a numerical study to investigate the
fire resistance reduction of protected steel beams caused by partial loss of fire pro-
tection and found that partial loss of fire protection can cause a significant moment
capacity reduction.

Results of a heat-transfer analysis of steel columns with partial loss of fire protec-
tion using the finite element method were presented by Milke %!, Analytical results
indicated that for a given exposure time the area of the protection loss and the size of
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the column were found to have an appreciable effect upon the thermal response of the
column regardless of the protection thickness. And the area of the missing protection
seems to be the primary factor in the temperature rise of the column. Fontana®’! and
Knobloch*# studied the fire behavior using a three-dimensional finite element heat
transfer and structural model, taking into account geometrical nonlinearities, local
temperature distributions, thermal strains and temperature dependent material prop-
erties. Results confirmed that local damage to fire protection is a decisive factor in
the fire resistance of steel columns and it is important to avoid fire protection that has
been damaged by periodical repairs by using robust fire protection systems. Stephen
Pessiki[*! performed an analysis to examine the behavior of steel H columns in a
fire with damaged spray-applied fire resistant material subjected to concentric ax-
ial compression. The conclusions stated that the removal of even relatively small
amounts of fire resistant material from the column flange causes a dramatic decrease
in column axial load capacity for fire resistance duration in excess of 30 minutes. A
simplified approach in the temperature domain using the critical temperature criteria
for steel columns was used in ASTEM E119[40] to calculate the fire resistance of
steel columns with partially missing fire protection.

It seems that the finite element method has been employed by nearly all the pre-
vious researchers to study the temperature distribution and fire resistance of steel
members suffering from partial loss of fire insulation material. Although the FEM
is powerful, it is not straightforward for understanding the failure mechanism of
steel members in a fire with a partial loss of fire protection. Experimental study
and theoretical investigation with a simple model are necessary for identifying the
fire-resistance of restrained columns with partial fire protection damage.

8.4.1 Test Arrangement and Instrumentation

The experimental set-up !l is shown in Fig. 8.2. Four displacement transducers were
employed in the experiment: one was used to measure the axial displacement and the
other three for measuring the lateral displacement of the specimen. Nine thermo-
couples were utilized to measure the temperature of the specimen: three were used
to measure the temperature on the portion without fire protection and the other six for
the portion with fire protection. The arrangement of thermocouples and displacement
transducers is shown in Fig. 8.30.

8.4.1.1 Specimen

The specimen is 2.7 m long with a cross section of H140x 100x6x 6. Young’s Mod-
ulus of steel was 202000 N/mm?, the yield strength was 272 N/mm?, the ultimate
strength was 413 N/mm? and maximum elongation was 18%. The applied axial load
keeps constant with the load ratio of 0.55. The load ratio is defined as the ratio of the
load on the steel column to column buckling resistance at the normal temperature.
The specimens were protected with 20 mm thick of fire protection. At the two
ends of the column, the fire protection is moved away to simulate the partial loss of
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Fig. 8.30 Thermocouples and displacement transducers arrangement (mm)

fire protection. The length of fire protection loss is 7% and 14% of the column length
with approximately 190 mm and 380 mm length respectively, as shown in Fig. 8.31.
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Fig. 8.31 Specimen (mm)

8.4.2 Temperature Distribution

The temperature in the portion of the steel column with and without fire protection
are shown in Fig. 8.32 and Fig. 8.33. The column temperature with fire protection
initially rose much more slowly than that without fire protection. The difference
increased to almost 500 °C in 25 min.

8.4.2.1 Axial Displacements and Failure Temperatures

Fig. 8.34 and Fig. 8.35 show the development of axial displacement against time
and column temperature respectively. For the specimen S-1, the axial displacement
increases rapidly and the buckling occurs at 15 min. However, for the specimen S-2,
the buckle time was 40 min due to the length of the fire protection loss being short.
As can be seen from Fig. 8.35, the critical temperatures of specimens S-1 and S-2
are 500 °C and 750 °C respectively.
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Fig. 8.33 Temperature-time curves of the Specimen S-2

8.4.2.2 Failure of Specimens

Fig. 8.36 and Fig. 8.37 show the failure of the specimens. The column buckled in the
portion without fire protection.

8.4.3 Continuum Model

Fig. 8.38 shows the mechanical model of a steel column without fire protection at
the two ends 424344431 The initial flexure of the column may be expressed by
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Fig. 8.35 Axial displacement temperature curve of the specimens

. TIX
Yo=ap SIH(T) (8.29)

where ag is the initial imperfection at the mid-span of the column.

If the lateral displacements of the column at the location without fire protection
and with fire protection are y; and y; respectively, the following equation can be
obtained as

{ Er,I(y1 —y0) + P(y1 +€0) =0, when 0 < y </ (8.30)

Ep,I(y2 —yo) +P(y2+eo) =0, when ' <y <1/2
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(a) End A (b) End B

Fig. 8.36 Failure of the Specimen S-1

(a) End A (b) End B

Fig. 8.37 Failure of the Specimen S-2

& X P e'-‘ X
B - - -
I II'-" o
{_ 'I'|i'| Eﬂl o '?
"y o
. - '.I,I - I".:Il'.I
I I|I'|
ol H_Enl |
| i |
—ete—
| v i
ii i |
7] I|II,|I "] .'f"l
’ o ff -
'l ny En] "Ey, P
i w7
'—A &{—-——r y by
'.'I.?;.\ P TQE

Fig. 8.38 Mechanical model of the steel column with partial fire protection damage
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Considering the displacement at the two ends is zero and the rotation of the cross
section of the column continues through the overall length, the following boundary
conditions are adopted as

y1(0) =05 yi(l") =y(l)

8.31
W) =) h(1/2) = (®3D
For convenience, the following parameters are defined as
14 ap e
H= 77 ) €= 7’ , n= hic‘
T Er 1 e Er, 1
Pon === Pp == (8.32)
P P
o = 5 =
Pcrl B Pcr2
The solution to Eq.(8.30) is given as
oTX a
=C;sin(—— 7 )+ C cos( ;Lx)-i-laioazsin(?)—eo
. (8.33)
Cgsm(ﬁl )+Cy cos(ﬁm)—i— 1fﬁ2 sm(?) —ep

where parameters C, C>, C3 and C4 are determined by employing the boundary
condition Eq.(8.31), given by

A |Bran (B ) cos(uprm)~ Bsiniupro| - & cosupro-+tan( 5 snupr

C =
! Csin(uoam) — oD cos(uon)
C2 =€\
. pr
[aAcos(pam) — Bsin(pam)] tan(T)
G= Csin(pam) — oD cos(u o)
oAcos(poert) — Bsin(p o)
 Csin(pom) — oD cos(parr)
(8.34)
and | .
A= a ]—7B2 — W Sln(IJ,T() 76()C0S(I.La7'[)
1 1 .
B=ag |45 — 5 | cos(um) — e sin(Lam)
i (8.35)

C = Ptan <Bzﬂ> cos(pufm) — B sin(upmn)
D = cos(ufm) +tan ([3271> sin(pupB )

If we take yielding at the as the failure criteria of the column in a fire, the ultimate
load capacity of the column with partial loss of fire protection is predicted by
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P Poyaxi

A VHVI'&X o 8.36
(8.36)

B P Omax2 _ f

A w I,

where Onax1 = y1(I') and Omaxo = y1(1/2).

8.4.4 Experiment Study
8.4.4.1 Specimens

The cross section area of the specimens A=1968 mm? with the moment inertia
[,=6438976 mm* and [,=1002304 mm?*. The slenderness of the column A,=47.2 and
Ay=119.6. The stable factor ¢,=0.87. Therefore, the load capacity of the column is
N=234 kN. The load ratio is adopted as 0.55 and the load acting on the steel column
P=129 kN.

8.4.4.2 Yielding Load of the Specimen at Elevated Temperature

According to the equation
orfyrA=P

the yielding critical temperature is obtained as 7y, .,=692 °C.

For specimen S-1, the column failed at 500 °C and is lower than 7, ., which may
cause global stability failure. For specimen S-2, the failure temperature is 750 °C
and is higher than 7j .., which may cause strain hardening of the steel at elevated
temperature.

8.4.4.3 Global Stability Study

For the specimen with partial fire protection loss, the yielding may occur on the
boundary of fire protection damage or at the mid-span. Fig. 8.39 and Fig. 8.40 show
the critical temperature of the two specimens.

As is shown in Fig. 8.39, the temperature at which the mid-span yielding is 865
°C and the boundary of the fire protected part yielding is 665 °C. Therefore, the
failure temperature of specimen S-1 is 665 °C. As shown in Fig. 8.40, the temperature
at which the mid-span yielding and the boundary of fire protected part yielding are
960 °C and 680 °C respectively. Hence the failure temperature of the specimen S-2
is 680 °C.

8.4.4.4 Comparison between Experimental and Analytical Results

The critical temperatures obtained by experiment and analysis are shown in Table
8.3. For specimen S-1, the critical temperature measured in the experiment is lower
than both the yielding temperature and the temperature predicated by the analysis,
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Table 8.3 Comparison of results between experiment and analysis

Analytical results

Test No. Experimental results - — -
Failure yielding by continuum 7,
model
S-1 500 °C 692 °C 665 °C 665 °C

S-2 750 °C 692 °C 680 °C 680 °C
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which may be due to the fact that specimen S-1 has a greater imperfection and leads
to the failure occuring earlier. Furthermore, some load eccentricity may exist at the
loaded end of the specimen.

For specimen S-2, the measured critical temperature is higher than both the yield-
ing temperature and the critical temperature predicated by analysis. This may result

from the rotational restraint and the strain hardening of the steel in a large deflection
state.

8.4.4.5 Influences of the Load Eccentricity Ratio on the Critical Temperature

The relationship between the critical temperature and load eccentricity ratio is plotted
in Fig. 8.41. The critical temperature will decrease with the increase in the load

eccentricity ratio. For specimen S-1, the critical temperature is 500 °C with a load
eccentricity ratio of 12%.

8.4.4.6 Influence of the Rotational Restraint on the Critical Temperature

The deflection of specimens with pin-ends and fixed-ends at the boundary of the fire
protected part and the mid-span are plotted in Fig. 8.42 and Fig. 8.43, respectively.
Deflections increased suddenly at the critical temperature. For the specimens with
the pin-ends, critical temperatures are 620 °C and 680°C respectively for S-1 and
S-2. And for the specimens with the fixed ends, critical temperatures are 675 °C and
695 °C respectively for S-1 and S-2.

From analytical results, some conclusions may be drawn:

e the boundary condition has little influence on the critical temperature; and
o the rational restraint has great influence on the critical temperature of a specimen
with a greater length unprotected.

700
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g 500 | \3\(
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=
&
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=
&
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Fig. 8.41 Influences of the load eccentricity ratio



References 241

—0— S-1(At the boundary of fire protection)
—m— S-1 (At the mid-span)
—0— S-2(At the boundary of fire protection)
—e— S-2 (At the mid-span)

Deflection (mm)
) o
]

()]

0 2 2 2 2 2 2 2
0 100 200 300 400 500 600 700
T (°C)

Fig. 8.42 Deflection temperature curves of the specimens with pinned ends
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Fig. 8.43 Deflection-temperature curves of the specimens with fixed ends
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9

Fire-Resistance of Composite Concrete Slabs

The contribution of a steel deck to support the sagging moment is usually employed
when designing the composite slab. However, the fire resistance of the steel sheet
in the composite slab is a big concern. The traditional fire-resistance design of the
composite slab is based on the fire resistance test. Nevertheless, the test can not
include all the parameters that affect the fire resistance of the slab. Furthermore, the
boundary conditions and loads on the composite slab in the fire test may be different
from those in the real structure, which means that the fire resistance obtained from
the test can not represent the resistance in the real structure.

Traditionally, the floor slab is used to support loads through a bending mechanism
that is based on the small deflection theory. However, through the investigation of
real fire disasters and fire experiments, it was noted that the composite floor slab!%!
showed higher load bearing capacity than expected using the traditional bending
mechanism method for fire resistance design. The membrane action occurs at the
large deflection of the slab, when edges of the slab are vertically and horizontally
restrained. It is also possible for the membrane action to occur when the slab is
vertically supported without horizontal restraint. The membrane action can enhance
the load bearing capacity of the slab by changing the load bearing mechanism from a
bending model with a small deflection to a membrane model with a large deflection.

9.1 Fire-resistance Design Method for Composite Concrete Slabs
Based on Small Deflection Theory

9.1.1 Studied Slabs

When modeling behaviors of a composite slab in a fire, the following characteristics
should be considered

o the temperature distribution the cross-section of the composite concrete slab is
non-uniform and should be treated separately;
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e the bond strength between the concrete and steel deck degrades with the eleva-
tion of temperature; and

o the non-linear temperature distribution will cause additional stress in the section
of the slab.

The fire resistance of a single span and two continuous span composite slabs
are studied. Parameters investigated include the applied load, the depth of composite
slab, the thickness of the steel deck, and the reinforcement in the concrete®). The
Finite Element Method (FEM) is used for this investigation*],

The dimension of the profiled steel deck is shown in Fig. 9.3 and Table 9.1. The
grade of concrete is C25 and C50, and the reinforcement for the hogging moment
region is ¢10@100 and ¢8@ 100, respectively. Analytical results*3! of the fire re-
sistance time are listed in Table 9.2 and Table 9.3.

1057

Thickness of profiled steel sheet

0 T T T T T T
2.0 3.0 4.0 5.0 6.0 7.0 8.0 9.0
Uniformly distributed load ¢ (kN/m®)

Fig. 9.1 Fire endurance of the single span composite slab with different thickness of profiled
steel deck and composite slab depth of 150 mm

Table 9.1 Section properties of the steel sheet

Cover width Rib height Thickness Section inertia Section modulus
(mm) (mm) (mm) I (cm*) W (cm?)
0.8 119.88 28.54
688 76 1.0 149.85 35.68

1.2 179.82 42.85
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Profiled steel sheet with thickness of 1.2 mm
—a— Reinforcement: 10@100
—o— Reinforcement: 8@ 100

Profiled steel sheet with thickness of 0.8 mm
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Fig. 9.2 Fire endurance of the two-span composite slab with different reinforcement and com-

posite slab depth of 150 mm
90 7
q

751

Depth of composite slab
—=— 150 mm
—*— 140 mm

2.0

30 40 50 60 7.0 80 9.0
Uniformly distributed load ¢ (kN/m’)

Fig. 9.3 Fire endurance of single span composite slab with different composite slab depth and
of profiled steel deck thickness of 1.0 mm

9.1.2 Parametric Studies

9.1.2.1 Effects of the Profiled Steel Deck Thickness on the Fire Resistance of a

Composite Slab

The fire endurance time of the composite slab with different thickness of profiled
steel deck is nearly the same, as shown in Fig. 9.1 and Fig. 9.2. This is because
the profiled steel sheet is exposed to fire directly, and the temperature elevation is
not affected by the steel sheet on account of its thinness. The temperature of the
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Table 9.2 Fire endurance time of single span composite slabs

No. ¢ (mm) h(mm) fo g (kNm?) te (min)|| No. ¢ (mm) h(mm) f. g (KN/m?) e, (min)

SS-01 0.8 150 C25 250 90 SS-19 1.2 150 C25 4.00 70
SS-02 0.8 150 C25 3.50 74 SS-20 1.2 150 C25 4.50 66
SS-03 0.8 150 C25 4.00 70 SS-21 1.2 150 C25 5.00 62
SS-04 0.8 150 C25 450 66 SS-22 1.2 150 C25 6.00 50
SS-05 0.8 150 C25 5.00 62 SS-23 1.2 150 C25 7.00 38
SS-06 0.8 150 C25 6.00 46 SS-24 1.2 150 C25 8.00 31
SS-07 0.8 150 C25 17.00 34 SS-25 1.2 150 C25 8.50 27
SS-08 0.8 150 C25 8.00 26 SS-26 1.0 140 C25 2.00 86
SS-09 0.8 150 C25 850 25 SS-27 1.0 140 C25 250 78
SS-10 1.0 150 C25 350 74 SS-28 1.0 140 C25 3.00 70
SS-11 1.0 150 C25 4.00 70 SS-29 1.0 140 C25 350 66
SS-12 1.0 150 C25 450 66 SS-30 1.0 140 C25 450 46
SS-13 1.0 150 C25 5.00 62 SS-31 1.0 140 C25 5.50 42
SS-14 1.0 150 C25 6.00 46 SS-32 1.0 140 C25 6.00 27
SS-15 1.0 150 C25 17.00 38 SS-33 1.0 150 C50  6.00 62
SS-16 1.0 150 C25 8.00 30 SS-34 1.0 150 C50  8.00 50
SS-17 1.0 150 C25 8.0 26 SS-35 1.0 150 C50 10.00 30
SS-18 1.2 150 C25 3.0 74

t is the thickness of steel sheet; / is the height of composite slab; f, is concrete grade; g is the

applied uniformly distributed load; 7., is fire endurance

steel sheet can reach 750 °C in 30 min in the ISO834 standard fire exposure ®!. The
steel almost loses its strength at such high temperature!”), and the bond between the
concrete slab and the steel sheet is also almost completely lost. The fire resistance of
the composite slab is mainly determined by the concrete slab.

9.1.2.2 Effects of the Slab Depth on the Fire Resistance of a Composite Slab

The slab depth has great influences on the fire resistance of the composite slab, as
shown in Fig. 9.3. Because of the reduction in the composite slab depth between the
concrete slab and the profiled steel deck, the fire resistance of the composite slab is
dominated by the concrete slab. Because concrete has low thermal conductivity, the
concrete slab with larger depth has a greater low temperature region and in turn has
a larger load bearing capacity at high temperature.
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Table 9.3 Fire endurance of two continuous span composite slabs

No. t (mm) h (mm) Sy fe q (kN/mz) ter (Min)
DS-01 1.2 150 ¢10@100 C25 5.00 90
DS-02 1.2 150 ¢10@100 C25 6.50 78
DS-03 1.2 150 ¢10@100 C25 7.50 66
DS-04 1.2 150 ¢10@100 C25 8.50 62
DS-05 1.2 150 $10@100 C25 10.0 46
DS-06 1.2 150 $10@100 C25 12.5 29
DS-07 1.2 150 ¢10@100 C25 13.5 25
DS-08 1.2 150 ¢8@100 C25 5.00 90
DS-09 1.2 150 ¢8@100 C25 6.50 78
DS-10 1.2 150 ¢8@100 C25 7.50 66
DS-11 1.2 150 ¢8@100 C25 8.50 62
DS-12 1.2 150 ¢8@100 C25 10.0 46
DS-13 1.2 150 ¢8@100 C25 11.0 34
DS-14 1.2 150 ¢8@100 C25 12.5 26
DS-15 1.2 150 ¢8@100 C25 13.5 20
DS-16 0.8 150 ¢10@100 C25 5 90
DS-17 0.8 150 ¢10@100 C25 6.5 78
DS-18 0.8 150 ¢10@100 C25 7.5 66
DS-19 0.8 150 ¢10@100 C25 8.5 62
DS-20 0.8 150 ¢10@100 C25 10 42
DS-21 0.8 150 ¢10@100 C25 11 34
DS-22 0.8 150 ¢10@100 C25 12.5 27
DS-23 0.8 150 ¢10@100 C25 13.5 25
DS-24 0.8 150 ¢8@100 C25 5 90
DS-25 0.8 150 ¢8@100 C25 6.5 78
DS-26 0.8 150 ¢8@100 C25 7.5 62
DS-27 0.8 150 ¢8@100 C25 8.5 58
DS-28 0.8 150 ¢8@100 C25 10 42
DS-29 0.8 150 ¢8@100 C25 11 34
DS-30 0.8 150 ¢8@100 C25 12.5 25
DS-31 0.8 150 ¢8@100 C25 13.5 20

fy is the reinforcement for the hogging moment
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9.1.2.3 Effects of the Reinforcement in the Hogging Moment Region on the Fire
Resistance of a Composite Slab

From Fig. 9.4 it can be seen that the reinforcement in the hogging moment region
of the composite slab with continuous span has little effect on the fire endurance.
For the low conductivity of concrete, the temperature of the reinforcement bar does
not exceed 200 °C in a fire. The yield strength and the elastic modulus of the steel
reinforcement are nearly the same as that at ambient temperature. The failure of the
composite slab is mainly due to the failure of the concrete instead of the reinforce-
ment.

105 _ Profiled steel deck with thickness of 1.2 mm
—a— Hogging moment reinforcement 10@100
90 1 —0— Hogging moment reinforcement 8(@,100
1 Profiled steel deck with thickness of 0.8 mm
75 - —e—Hogging moment reinforcement 10@100
~“~Hogging moment reinforcement 8@100
g 60
g
~ 451
30
15
0 T T T T 1
4.0 6.0 8.0 10.0 12.0 14.0

Uniformly distributed load ¢ (kN/m’)

Fig. 9.4 Fire endurance of the composite slab with different reinforcement in the hogging
moment region

9.1.2.4 Effects of the Concrete Grade on Fire Resistance of a Composite Slab

From Fig. 9.5 it can be seen that the composite slab with a higher concrete grade has
a longer fire endurance time.

9.1.2.5 Effects of the Applied Load on the Fire Resistance of a Concrete Composite Slab

Effects of the applied load on the fire resistance of a concrete composite slab are
shown in Fig. 9.1 to Fig. 9.5. It can be seen that, with the increase in the applied
load, the fire endurance time decreases nearly linearly.

9.1.3 Simplified Design Method

The fire resistance of composite slabs is not severely affected by the thickness of a
profiled steel deck and the reinforcement in the hogging moment region. It is mainly
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Concrete grade:

75 - —a— (C25 conerete
—®— (50 conerete

0 T T T T T T T T T T T T T 1
30 40 50 60 7.0 80 9.0 100
Uniformly distributed load ¢ (kN/m’)

Fig. 9.5 Fire endurance of the composite slab with different concrete grades

determined by the applied load, the depth of the composite slab and the grade of
concrete, which can be comprehensively expressed by the load ratio as
Mmax

9.1
Mc 0.1

Nr =

where M.« is the maximum applied bending moment, Mg is the bending moment
capacity of the concrete slab given by

Mgc =W f; 9.2)

[z 1s the tensile strength of the concrete at ambient temperature, as shown in Fig. 9.6.

Neutral axial R L

Fig. 9.6 Section of the concrete slab

Using regression method, the fire resistance of a composite slab is calculated ®!
by
ter = 114.06 —26.8nF 9.3)

where 7., is the fire endurance time of the composite slab in minutes.

The comparison of the fire endurance time predicated by Eq.(9.3) and numerical
simulation is shown in Fig. 9.7. For the composite slab with a high concrete grade,
the fire endurance time estimated by Eq.(9.3) is longer than that using numerical
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analysis. The commonly used concrete grade in engineering practice for floor slabs is

C30 and C50. In these circumstances, the fire endurance time predicated by Eq.(9.3)
agrees well with the numerical result.

— — = Proposed equation

1057
Andysis results:
90 N O Profiled steel thickness: 1.2 mm
N B Reinforcement: 10@100
N D O Reinforcement: 8@ 100
75 S Profiled steel thickness: 0.8 mm
'Y @ Reinforcement: 10@100
= 60 o= O Reinforcement: 8@100
= N
= N
~ N
_ o~
45 SN
N
o) N
30 N
. AN
SN
154 >
0 T T T T T T T 1
0.0 1.0 2.0 3.0 4.0

Bending moment load ratio 7,

Fig. 9.7 Comparison of the fire endurance time predicated by Eq.(9.3) and numerical analysis

9.1.4 Verification by the Fire Resistance Test

A fire resistance test is carried out to verify the proposed design method for a com-
posite slab[3]. The profiled steel deck is shown in Fig. 9.8. Parameters of test speci-
mens are listed in Table 9.4.

The test specimen was exposed to an ISO834 standard fire!®!. The fire endurance
times obtained by fire test and Eq.(9.3) are listed in Table 9.5. They agree with each
other very well.

9.2 Fire Resistance Design Method for the Composite Slab
Considering Membrane Action

9.2.1 Development of the Membrane Action of a Composite Slab in
a Fire

It is found that very large deflection may be induced in the composite slabs!-?!, and

the deflection of the slab after the fire is shown in Fig. 9.9 and Fig. 9.10. Through
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Table 9.4 Parameters of test specimens

Test specimen 1 Test specimen 2
Span 4m 4 m
Width 3m 3m
Depth of composite slab 140 mm 160 mm
Applied uniformly 3.62 kN/m? 4.80 kN/m?
distributed load
Thickness of profiled steel deck 1.2 mm 1.2 mm
Reinforcement $4@150 $4@150
(two direction) (two direction)
102 204 102
O < \¢ .4: :4 : \ « 1 NQ
l\a ‘ — . o/ A‘_ PR
70 J, 140 J, 140 J, 140 JJO

Fig. 9.8 The steel deck (mm)

Table 9.5 Comparison of the fire endurance time obtained by fire test and Eq.(9.3)

Proposed method Test results
Test specimen 1 22 min 19 min
Test specimen 2 28 min 26 min

investigations of real fire disasters and fire experiments, it is also noticed that the
total bearing capacity of the floor slab in a fire may be much higher than that ex-
pected, based on the bending mechanism. This discrepancy was found to be due to
the membrane action, which plays an important role in increasing the load bearing
capacity of the floor slab in fire condition.

According to observations in experiments and real fires, a slab subjected to a
fire is assumed to develop as Fig. 9.11. Before the membrane action occurs, the slab
deformation is similar to that in classical yield line theory®!, as shown in Fig. 9.11(a)
to Fig. 9.11(f). At the early stage of a fire, when the temperature is not very high,
the slab can bear the applied load in the bending mechanism. With an increase in
temperature, the strength of steel and concrete in the slab reduce, and yield lines were
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Fig. 9.10 Large deflections of the slab in the Cardington fire test

formed in the slab. When the temperature of the slab increases further, the bending
capacity of the slab is not enough, and the deflection of the slab will have to be
further developed, which creates additional load-bearing capacity in the membrane
mechanism to maintain the stability of the slab, as shown in Fig. 9.11(d). The tension
force increases with the increase in slab deflection, see Fig. 9.11(e). Finally, most
of the vertical load on the slab will be carried by the membrane action with the
reinforcement acting as a net, the tension anchored by the peripheral concrete ring
of compression, as shown in Fig. 9.11(f).
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Fig. 9.11 Development of the membrane action in a floor slab

Although the membrane action in a floor slab at ambient temperature has been
studied since the 1950’s!8), it was only recently noticed at elevated temperature in
the Cardington experiments in the middle of the 1990s!>°1. Since then, a number
of researchers studied this phenomenon. Among them, Wang!®! used the membrane
action to explain the increase in load bearing capacity of slabs in the Cardington fire
tests. Usmani et al.[!%!112] analyzed the membrane action in floor slabs based on
differential equations. Bailey et al.[!3141516] studied the mechanism of membrane
action using yield-line theory. Huang et al.!!7-18 presented a nonlinear layered finite
element procedure for predicting the membrane action of a composite slab in a fire.
Li et al. "] proposed a practical design method for predicting the fire endurance time
of a composite slab considering the membrane action in a fire.

In the analytical model presented by Usmani et al.[1%1112] it is assumed that
most of the floor slab is elastic, so the deflection and the stress of the floor slab are
governed by elastic equations. However, in real fire conditions the floor slab experi-
ences large inelastic deformation!"-?. The elastic theory is not appropriate for ana-
lyzing the behavior of a floor slab with very large deflections. In the theory presented
by Bailey et al. 131415161 it is assumed that the floor slab deforms according to rigid
plate deformation defined by the yield-line pattern. However, for a slab in real fire
conditions, because the concrete may crack at the limit state, bending-resistance will
play a small part in affecting slab behavior, and the reinforcement net may be more
important. Therefore, the assumption of a yield-line pattern may not be appropriate
for modeling the membrane action in floor slabs subjected to a fire.

The membrane action works apparently when the deflection of a slab is very
large. In fire conditions, since the most important objective of designers is to avoid
the collapse of the floor slab, large deflections are acceptable and it is desirable to
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include the favorable effect of membrane action in the fire-resistant design of floor
slabs.

9.2.2 Fire Test on the Composite Slab

The Cardington test!?! showed that the performance of a composite slab with unpro-
tected steel decks and beams in a fire condition was much better than the prediction
without considering membrane action. The observation and analysis show that, dur-
ing a fire, with the strength and stiffness of the steel deck decreasing, the capacity of
the slab provided by the traditional bending mechanism will not be enough to bear
the applied load. The membrane action will contribute to keeping the stability of the
slab by forming an tensile reinforcement mesh in the center of the slab and a com-
pressive concrete ring at the slab edges. The development of the membrane action is
shown in Fig. 9.11.

From 1995 to 1996, six localized fire tests were conducted in Cardington[
Test results showed that although the temperature of the unprotected beam was
higher than 1000 °C, the slab maintained its load bearing capacity during all the
tests owing to the membrane action.

In 1999, to prove the existence of the membrane action, Bailey!!*!*! performed
atest on a 9.5 mx6.5 m composite floor slab at ambient temperature based on the
data of the Cardington test!?’]. In order to validate the theoretical analysis, he per-
formed some small scale tests on 15 reinforced concrete floor slabs. However, all the
tests were under ambient temperature, which might not be appropriate for verifying
the membrane theory!®!. In 2008, CTICM [?!! launched a project FRACOF in which
an 8.735 mx6.660 m composite floor slab was tested in an ISO standard fire. The
test lasted for more than 120 min. Finally, the slab failed because of the fracture of
the reinforcement bar. Therefore, this resulted in a limitation of the analysis of the
limit state and failure of the slab!®!. In 2008, Li and Zhang!?>?3! developed a new
method to estimate the load bearing capacity of the composite floor slab under fire
conditions with consideration of the membrane action. And four full-scale slab tests
were performed at Tongji University in China with sponsorship from the National
Natural Science Foundation of China to verify the proposed method.

2,9]

9.2.2.1 Test Set-Up

The specimens were 5.232 mx3.72 m composite floor slabs with steel decks unpro-
tected. The profiled steel deck was YX76-344-688 with a thickness of 1 mm and
strength of 270 N/mm?[??/. The decks were fixed on the primary beams and sec-
ondary beams (if they existed) by a shear connector with a diameter of 16 mm and
a height of 125 mm. Total depth of the slabs was 146 mm and the thickness of the
concrete on the top of the decks was 70 mm, with a concrete grade of C25. The rein-
forcement was double direction ¢8@ 150 with a steel grade of Q235. The protective
thickness of reinforcement was 21 mm for S-1 and 30 mm for S-2 to S-4. S-1 and S-2
had an unprotected secondary beam in the middle of the slab, while S-3 and S-4 had
no secondary beam. The cross section of the secondary beam was 125b with a steel
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grade of Q235. The slabs, the primary beams and secondary beams were designed in
accordance with the Chinese Code GB50017-20032* and YB9238-92[231. The test
set-up is shown in Fig. 9.12 and Fig. 9.13. Parameters of tested slabs are listed in
Table 9.6.

Table 9.6 The test slabs (mm)

Specimen  Arrangement of Fire protection Direction Secondary

No. reinforcement thickness (mm) of the rib beam

S-1 ¢8@150 21 Along the In the middle of the
S-2 ¢8@150 30 long edge long edge, unprotected
S-3 ¢8@150 30 Along the No secondary beam
S-4 ¢8@150 30 short edge

The slabs were loaded at 24 points to stimulate uniform load with a load ratio of
0.60 to 0.65, as shown in Fig. 9.14. The temperature time curve of the furnace used
for the test followed an ISO834 standard fire. Displacements of the slab, temperatures
at the surface and bottom of the slab, temperatures and strains of reinforcements in
the slab, as well as the strain of the concrete were measured. The arrangement of
measuring points is shown in Figs. 9.15-9.18.

9.2.2.2 Test Phenomena

The applied load and test duration for the four tests are shown in Table 9.7.

Table 9.7 Test load and duration

Specimen load bearing Applied Load Test duration
No. capacity (kN/m?)  load (kN/m2) ratio (min)

S-1 30.64 18.38 60 75

S-2 29.51 17.71 60 90

S-3* 14.57 8.75 60 100

S-4* 14.57 9.47 65 100

* Fire test stopped while the composite slab did not fail

In tests S-1 and S-2, cracks appeared beside the secondary beam firstly due to
the negative moment caused by the decrease in the strength and stiffness of the slab.
Then, significant cracks were found along the long edge of the slab because of the
negative moment induced by the large deflection in the center of the slab. Cracks
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Fig. 9.12 Test set-up
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Fig. 9.14 Plan view of the loading system (mm)

were located at the weakest cross section of the slab, as shown in Fig. 9.19. Mean-
while, some cracks occurred along the short edge of the slab. Cracks developed not
only on the surface of the slab, but also extended to the side face of the slab, as shown
in Fig. 9.20. After the test, significant yield lines were founded at the slab corner. The
concrete along the yield line was crushed, as shown in Fig. 9.21.

The deflection of the slab was very large. The deformation of the slabs was pre-
sented as elliptic parabolic after the test which was validation that the membrane
action was developed to bear the applied load, as shown in Fig. 9.22.
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Fig. 9.23 shows the distribution of cracks on S-2 after the test, where cracks
caused by the membrane action can be found both at the center and at the corner of
the slab. Fig. 9.24 shows the deflection of S-2. Although the deflection of the un-
protected secondary beam was huge, no failure was found on the secondary beam.
Fig. 9.25 shows the condition at the bottom of S-2. It was found that the profiled
steel deck did not melt down, which helped the slab to integrate after 90 min in a
standard fire. Water vapor exuded seriously during the test. Even after the test water
vapor continued to exude.

The phenomena of tests S-3 and S-4 were similar to those of S-1 and S-2. Since
there was no secondary beam, the concrete began to crack at the boundaries of the
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Fig. 9.21 Yield lines at the corner on S-1  Fig. 9.22 Deformation of the slab after the test
S-1

Fig. 9.23 Cracks on the S-2 after the test ~ Fig. 9.24 Deformation at the bottom of S-2 af-
ter the test
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Fig. 9.25 Steel deck after the test

slab in test S-3 and S-4 instead of beside the secondary beam in tests S-1 and S-
2. The distribution of cracks on S-3 and S-4 are shown in Fig. 9.26 and Fig. 9.27
respectively. Cracks in the center of S-3 and S-4 were not caused by the negative
moment but by the membrane action. No collapse was found in these four tests,
which shows that membrane action occurred so as to support the applied load on the
slab and to maintain the stability of the floor system.

Fig. 9.26 Cracks on S-3 after the test Fig. 9.27 Cracks on S-4 after the test

9.2.2.3 Test Results and Analysis

1) Temperature results

Fig. 9.28 shows the fire temperature indicating that the fire temperature coincided
well with the ISO834 fire curve. Fig. 9.29 is the temperature in the middle of the
slab bottom. After 75 min, the temperature can reach 700 °C or 800 °C. After 90
min to 100 min, the temperature at the slab bottom can be up to around 800 °C or
900 °C. Fig. 9.30 is the temperature in the middle of the slab surface. Fig. 9.31 is the
average temperature of the reinforcement. During the whole test, the temperature at
the slab surface is very low. After 90 min, the temperature is only around 100 °C.



264 9 Fire-Resistance of Composite Concrete Slabs

The distance from the reinforcement to the slab bottom has a great impact to the
temperature on the reinforcement.
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Fig. 9.28 Fire temperatures
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Fig. 9.31 Average temperatures of the reinforcement in test S-1 to S-4

2) Strains of the reinforcement and concrete

Fig. 9.32 and Fig. 9.33 show strains of the reinforcement along the short and long
edge of the slab respectively. Since the effective working temperature of a strain
gauge is less than 60 °C, the data when the temperature was higher than 60 °C was
omitted in the figures. According to the yield line theory, the reinforcement in the
slab was located at the compression zone of the slab. However, the data show that
the reinforcement was under tension during most of the test period except for the
beginning. This phenomenon proves the occurrence of tensile membrane action in
the test.
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Fig. 9.34 shows concrete strains at the edges of test S-4. In the middle of the
edge the concrete was under compression that validates the existence of the con-
crete compressive ring. Based on the data taken by the strain gauges at the corner of
the slab (see Fig. 9.18), compressive strains were found at the corner at an angle be-
tween 30° and 60°, which coincides with the failure phenomenon shown in Fig. 9.21.
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Fig. 9.32 Strains of the reinforcement along the short edge in test S-1
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Fig. 9.33 Strains of the reinforcement along the long edge in test S-1
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Fig. 9.34 Strains of the concrete at the boundary of test S-4

3) Deflection at the center of the slab

Fig. 9.35 and Fig. 9.36 show deflections at the center of the slab. It is found that
the deflection can arrive at [/25 where [ is the length of the slab short edge. It is
reasonable to deduce that the load-bearing mechanism of the slab has been changed
from the bending mechanism to the membrane action mechanism in such a large
deflection.
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Fig. 9.35 Deflection of test S-1 and S-2
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Fig. 9.36 Deflection of test S-3 and S-4

9.2.3 Analysis of the Composite Slab in Consideration of the
Membrane Action in a Fire

9.2.3.1 Assumptions

The following assumptions are adopted for analyzing the composite slab when con-
sidering the membrane action in a fire

e the slab is a rectangular where the ratio between length and width should not be
greater than 2;

e support-beams below the edges of the slab are protected and do not fail in a fire;

e boundaries of the slab are vertically restrained but there are no horizontal and
rotational restraints;

e the reinforcement in the slab is continuous and arranged in two orthogonal di-
rections without considering strain hardening;

e at the limit state, the slab deflects in the pattern shown in Fig. 9.11(f). The slab
is divided into five parts as shown in Fig. 9.37, where (xg, yo) is the intersecting
point of the bending yield line and the ellipse, « is the separation angle between
the yield line and the long edge of the slab. Plates 1 through 4 shown in Fig.
9.11 are assumed to be rigid and only have a rigid rotational deformation. In the
center of the slab, the concrete is cracked and the concrete slab is simplified as a
reinforcement mesh. The profile of the reinforcement mesh is supposed to be an
elliptic parabolic;

e at the limit state, the force distribution is as shown in Fig. 9.38, where C is the
compression force between rigid plates, S is the shear force in the X-Y coordinate
plane between rigid plates, Ty, and Ty, represent the in-plane components tension
force of the reinforcement in X direction and Y direction respectively, ® and X
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represent the vertical component force of the reinforcement in X direction and Y
direction respectively;

at the limit state, the final deflection of the slab is as shown in Fig. 9.39, where
Ox, By are the rotation of the rigid plates about the X and Y axis respectively.
The maximum deflection includes d, and w, where d, is the deflection caused by
the rotation of rigid plates and w is the deflection of the elliptic part;

the failure criterion of the slab is the fracture of the reinforcement mesh or the
crushing of the concrete in the compressive ring.
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Fig. 9.37 Division and coordinate of the slab at the limit state
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Fig. 9.39 Deflection of the slab at the limit state

9.2.3.2 Determination of Parameters

In the model proposed to simulate the membrane action in a slab, the main parame-
ters include «, (xo, yo), w, dr, 6, and 8,, where « is the angle between the yield line
and the long edge of the slab, (xg, yo) is the intersecting point of the yield line and
the ellipse, w is the deflection of the elliptic part, d, is the deflection caused by the
rotation of the rigid plates, 6, and 6, are the rotations of the rigid plates. Determina-
tions of these parameters are presented as follows.

1) Determination of ¢ and (x¢, y)

The ultimate deflection of the slab at the limit state is developed from the yield line
mechanism. Therefore, & can be determined by the traditional yield line theory 8],
(x0, o) is the intersecting point of the yield line and the ellipse, which is obtained by
using an analytical geometry and given by

(Btan o — Ltan® o) L?

T T B Panta)
(9.4)
N BLvV—L2tan? o, — B2 + 2BLtan o + 4K2B2 + 4K2[ 2 tan2 o
2(B?+ L*tan’ o)
and | .
= ——L|)tanx+ =B 9.5
Yo (xoz)an +2 9.5)

2) Determination of w

It is assumed that the reinforced bar will reach its mechanical strain limit when the
ultimate load is reached. The maximum deflection of the elliptic part should be de-
termined by the limited elongation ratio of reinforced bars. At the same level of
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deflection in the middle of the slab, the average strain in the reinforcement along the
short span of the slab is larger than that along the long span. In this way, the maxi-
mum deflection of the slab is governed by the limited elongation of the reinforcement
along the short span. According to the analysis by Kemp!®!, w is obtained by using
the following equation as

Wiotal = W +d,

3 1 9.6

where g, is the characteristic limited elongation of reinforcement which is 2.5%
when the diameter of the reinforcement is not greater than 12 mm or 5% when the
diameter of the reinforcement is greater than 16 mm![!?l, ¢ is the average coefficient
of thermal expansion of steel which is 1.4x 107/°C, 6, is the rotation between the

rigid plates 1 and 2 and T is the temperature of the slab determined by [13-14]
w2
. w4 —0.1
. |06 h 01,

9.7)

0.05+0.135¢/20—0.005(/20)2—d
T+ —e 0.007+0.0145/20—0.005(1 /20)3
8

where ¢ is the heating time, d is the distance between the reinforcement and the
bottom of the slab, w, and w4 are sizes of steel deck for the slab as shown in Fig.
9.40.

Fig. 9.40 Dimension of the composite slab

3) Determination of 6, and 6,

It is supposed that the rigid plate 1, 2 and the tangent of the elliptic compressive ring
are continuous on the boundaries. Therefore 6, is equal to the gradient of the elliptic
compressive ring at point (0, KB), and is obtained by the following equation as

dz 2w

0. = — _ ="
Y dyl,ks KB

9.8)

Based on the deformation compatibility condition of rigid plates 1, 2, 3 and 4 at
the points of (xg, ¥0), (X0, —¥0), (—x0, ¥0), (—X0, —Y0), the rotation of plate 3 or plate
4 is determined by
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B/2—yo
6, = arctan (L/Z—xo tan 9x> 9.9)

9.2.3.3 Force Equilibrium in the Slab

1) Equivalent force of the reinforcement and concrete
With the temperature increase in the reinforcement and concrete after  minutes fire
exposure obtained by Eq.(9.7), the strength of the reinforcement and concrete is ob-
tained using the reduction formulas specified by Bailey et al.[!]. Tensile forces per
unit width in the reinforcement at temperature 7" in X and Y directions are determined
by

T = fyT,xAsx

Tyu = firyAsy

where Ay, and Ay, are the area of the reinforcement per unit slab length in X and Y
direction respectively, calculated by

(9.10)

d? /4
ASX — %
X
md; /4 ©.11)
Ay = ——
> D
X

where d; and d, are diameters of the reinforced bar in x and y direction respectively,
D, and Dy, are the bar spacing in the x and y direction respectively.

2) Component force of the reinforcement
On the boundary of the elliptic-parabolic, the force exerted by the reinforcement is
shown in Fig. 9.41.

T, (T,)

TT,)

Fig. 9.41 Force component in the reinforced bar

In the y direction, tan ¢, equals the gradient at the intersection of the elliptical
part and the rigid plate obtained by the following equation as

2
)y (i) 9.12)
o KB KL

tan @, = g;

therefore,
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2
2w 1—(%)
sin @,
KB)2 +4n? |1~ (= )2
( v KL (9.13)
KB
KB +4w? [1— (=)
(KB)* + 4w [ ~(xz) ]

So the horizontal and vertical component forces in the reinforcement in the y
direction are obtained by

cos ¢, =

Ty = Tyu >
\/(KB)2 + w2 {1 - (%) ]
) o lf(il)z 9.14)

Similarly for the reinforcement in the x direction, the horizontal and vertical compo-
nent forces in the reinforcement are given by

¢ {1 )]

Ky )2 9.15)

/—\

Ua

3) Force equilibrium
At the limit state, the membrane force in each rigid plate is shown in Fig. 9.42. The
force equilibrium in the x and y direction is expressed as

Ccosa +Ssino = j(f h(x)dx (9.16)
Csinot —Scosa = [3° xh))dy .
which leads to
S_smOtf0 (o dx — COSafO h(y)dy
9.17)

_ 3 Ty dx — 2Ssina

coso
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Fig. 9.42 Membrane forces in rigid plates 1 and 3

4) Bending moment equilibrium

At the limit state, the force diagram of each rigid plate is shown in Fig. 9.43, where
q12 is the loading capacity of plate 1 and plate 2, and g34 is the loading capacity of
plate 3 and plate 4. Bending moment equilibriums about axis O’ and O are expressed
as

1/1
My, +Mry +Mrp —2Ccosa [hOx -3 EB —yo) 9{|

1/1
—2Ssinx [h()x_ = (B—yo 6x:| —My, =0

N (9.18)
Mgy, +Mryy +Mypy — 2Csin o | hoy — (L—)C()) 9y:|

3\2
1/1
—2Scosa | hoy — 3 EL_XO 6, —M,, =0
Values of My,,, Mrjx, Mryx, Mys,» Mrhy, Mryy, My and M, are determined by

My, = q12A12d,
1
Mype =2 J§° Ty [ hox — (23—)’0> 9x:| dx

1 x \2
— X0 “R_ N
Mrix=2Jo" T | 3B = KBy/1 (KL) dv (9.19)
1
+2[XP T, (23 —y) dy
_ fyT.,x
My, = AsxfyT,x hcx_0~59AsxfT (L—Z)C())
c
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Mq34 = 934A34dv
1
Mrpy =2 f() Ty | hoy — <2L—)’o> 6y:| dy

2
Myyy = 2 [0° T, L KL 1-(%)

(9.20)
+2 [5E T (;L—x> dx

My = Asfiry ( —0.59A,, f}TT}) (BL—2yo)

Fig. 9.43 Forces applied on rigid plate 1 and plate 3

9.2.3.4 Ultimate Load Capacity of the Composite Slab

The load bearing capacity of the elliptical part contributed by the vertical component
force of the reinforcement in the elliptical compressive ring is obtained by

0 yv x) dx+ f dy
ge =4
(KL)(KB)

9.21)

By making the average load capacity of the four rigid plates equal the load capacity
of the elliptical compressive ring, the following equation is obtained as

_ 912412+ q343

(9.22)
App+As

where ¢17, ¢34 and K can be determined by solving the Eq.(9.18), Eq.(9.21) and
Eq.(9.22). Through averaging the load capacities of the rigid plates and the elliptical
part over the whole area of the slab, the ultimate load capacity of the composite slab
is determined by

26112A12+26]34A34+4f0 Y dx—i—f Toy(y)dy
LB

(9.23)
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9.2.3.5 Strength of the Concrete Compressive Ring

It is possible that the concrete compressive ring is crushed before the fracture of the
reinforcement in the slab, exerting a membrane action to resist the fire. The strength
of the concrete compressive ring should be checked to insure that the membrane
action works. At the limit state, the stress in the concrete compressive ring at the
section A-A or B-B will reach the ultimate compressive strength of the concrete
as shown in Fig. 9.44. The force equilibrium in the concrete compressive ring is
expressed as

1
fo b TT,, ) (2 _Kx)thch
9.24)

KL 1
Jo™ Ty dx = (5 — Ky)Lhefer

K, and K, can be obtained by solving Eq.(9.24). If K, or K, is smaller than K, the
concrete compressive ring will be crushed earlier than the reinforcement. Take the
smaller of K and K to substitute K in Eq.(9.18), Eq.(9.21), Eq.(9.22) and Eq.(9.23).
The ultimate load capacity of the slab in fire conditions is obtained.

Fig. 9.44 Force distribution over the concrete compressive ring at the limit state

9.2.3.6 Verification

The method for modeling the membrane action for fire-resistance of a composite slab
is verified by tests. The main data for the slabs tested are given in Table 9.8. Maxi-
mum deflections of the slab measured in the test and predicted by various methods
are compared in Table 9.9. Applied ultimate loads and loads capacities predicted are
compared in Table 9.10.

Tests 1-7 were performed at ambient temperature and Test 8 and Test 9 were
performed at high temperatures. Because the limited elongation of the reinforcement
at high temperature is larger than that at ambient temperature, the value of character-
istic limited elongation of the reinforcement in tests 1-7 has been reduced by 30%
based on statistical regression analysis.
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Table 9.8 Parameters of test slabs

No. Reinforce- Slab size ho Sy w q
ment (mxm) (mm) (N/mm?)  (mm) (kN/m?)

1 $3@30 1.6x1.1 26 263 127 45.13
2 $3@60 2.0x1.0 26 263 76 17.14
3 04.8@76.2  1.829x1.829  43.6 376 81 42.9
4 04.8@63.5  1.829x1.829  37.3 376 98 39.03
5 04.8@122  1.829x1.829 69 376 84 38.13
6  ¢0636@120 2.745x1.829 682 450 106 455
7 $06.35@120  1.829x1.829  67.8 450 100 75
8 $6@200 9.98x7.57 460 390 5.48
9 04@150 3%2 76 300 130 10

hg is the effectiveness depth of the slab; fj is the yield strength of the reinforcement at

ambient temperature; w is the recorded maximum deflection in the fire test; and g is the

applied load in the test

Table 9.9 Comparison of maximum deflections between measured and predicted

*

Hk

*

kk

No. Wiest w w Weal w w Weal

(mm) (mm) (mm) (mm) Weest Weest Wrest
1 127 25 43 58.6 0.356 0.339 0.461
2 76 31 36 55 0.187 0.474 0.724
3 81 33.5 72 95.9 0.435 0.889 1.184
4 98 33.5 72 92.8 0.409 0.735 0.947
5 84 33.5 72 103.8 0.372 0.857 1.236
6 106 95.1 0.897
7 100 93.6 0.936
8 390 450.2 1.154
9 90 127 1.4

* is the deflection predicted by Bailey et al .[13]; #* is the deflection predicted by Li et al.[*]



278 9 Fire-Resistance of Composite Concrete Slabs

Table 9.10 Comparison of the applied load and predicted

* Hok * Kk

No. qtest q q Ycal q q Geal

(kN/m?2) (kN/m?) (kN/m?2) (kN/m?) Qrest Qrest Grest
1 45.13 45.24 44.18 34.4 1.002 0.979 0.762
2 17.14 14.21 14.63 17.85 0.829 0.854 1.041
3 429 35.27 33.60 41.18 0.822 0.783 0.960
4 39.03 40.03 35.51 48.75 1.026 0.910 1.249
5 38.13 31.22 31.22 31.18 0.819 0.819 0.818
6 45.5 41.89 0.897
7 75 58.3 0.735
8 5.48 5318 0.970
9 10 7.13 0.713

* is the load predicted by Bailey et al .[15]; ** is the load predicted by Li et al.

According to the comparison, the method proposed gives a more reasonable pre-
diction to the maximum deflection and load-bearing capacity of a composite slab
exposed to a fire.
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10

Analysis of Steel Moment-Resistant Frames Subjected
to a Fire

Because of the size limitation of a furnace, the fire resistant test is usually carried
out on a member or substructure with simplified boundary conditions!!!. Test results
do not readily represent the fire resistance of a structure in a real fire. On the other
hand, costs and technical restraints also make it unfeasible to carry out fire tests on
the full scale complete structure. Establishing analytical approaches for predicating
the behavior of a steel construction in a fire have been the effort of many researchers.

Owing to its ability to include various factors (e.g. material and geometrical non-
linearity, non-uniform distribution of temperature) that affect the behavior of a struc-
ture in a fire, the finite element method is the most general and versatile approach.
However in previous research the cross section of an element was divided into many
segments with uniform temperature and homogeneous material properties. The ele-
mental stiffness was then obtained by integrating the contribution of each segment
at each temperature step!>3*>6!_ Theoretically, this approach can be applied to any
steel construction with an arbitrary temperature distribution. Nevertheless, this ap-
proach is not convenient for engineering practice due to the considerable time re-
quired for input data preparation and computation. The more practical element needs
to be developed.

The tangent stiffness matrix for an element at high temperature is developed
introducing the generalized Clough model!”). The similarity between the form of
the elemental stiffness matrix at elevated temperature and that at normal temperature
brings much convenience to its application to practical designs. It is also consistent
with design methods adopted by many fire-resistant codes!®?! for a single member,
for the fire resistant design of a single member is based on the format of the design
method at normal temperature. In the proposed approach, the temperature-dependent
material nonlinearity as well as the geometrical nonlinearity on elemental stiffness
is considered and the effect of thermal strain is converted to equivalent thermal loads
acting on the structure. In order to investigate behavior of a steel frame subjected to a
fire and validate the proposed approach, fire resistant tests on two single-storey two-
bay steel frames were carried out at Tongji University. The main results are presented
below.
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10.1 Element for Analysis

The effective yield strength and Young’s modulus of steel at elevated temperatures
adopt the recommendation by ECCS!%!. The creep of steel is considered implicitly
in the material model. For convenience of analysis, the following hypotheses are
employed

e the stress-strain relationship of steel at high temperature is bi-linear as shown in
Fig. 10.1;

e the plastic deformation is concentrated at element nodes;

e the temperature varies linearly within the element cross section and the temper-
ature profile is identical along the element length;

e only H-shaped and box-shaped cross sections are considered.

&

Fig. 10.1 Stress-strain relationship of the steel at high temperature

10.1.1 Properties of the Elemental Cross-Section

In a real fire the temperature distribution in a steel member is non-uniform, espe-
cially when part of it is in contact with heat sink material. The cross section of a
structural member with non-uniform temperature profile is converted to an equiva-
lent section with uniform temperature distribution, as shown in Fig. 10.2 and Fig.
10.3, on the basis of the same geometrical and physical properties. Noticing that the
web of the H-shaped cross section (the side walls of the box-shaped cross section
may be considered to be equivalent to the web of the H-shaped section) contributes
very little to the inertia moment and the moment resistance of the section, it is in
practice reasonable to assume that the width of the web in the equivalent section
varies linearly. Then, the following formula is derived to calculate the geometrical
and physical properties of the elemental cross-section.
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Fig. 10.2 Dimension and temperature profile of an elemental cross-section
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Fig. 10.3 Equivalent cross section in an elastic state

10.1.2 Location of the Neutral Axis in an Elastic State

The location of the neutral axis in elastic state is calculated by

oA ph+ (1= ue)Apt )2+ (1 ue) Ayt 2+ (14 2u,)Ayho /2

Ye (1+ 1) 2A; +Ay)/2

where
ET,

1

Er,

e =

The symbols are shown in Fig. 10.3.

10.1.3 Equivalent Axial Stiffness
The equivalent axial stiffness is
(EA)eq = ET,Acq
where A, is the equivalent area of the cross-section obtained by

Agg=(1+u.)(2Ar+A,)/2

(10.1)

(10.2)

(10.3)

(10.4)
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10.1.4 Equivalent Bending Stiffness in an Elastic State
The equivalent bending stiffness in an elastic state is
(El)eq =Enly

where I, is the equivalent moment of inertia calculated through

1 t t
qu = ﬁ(l +M€)Aft2 +Af()’e - 5)2 +Af'ue(h —Ye — 5)2
(u? +4u, + 1)dh} 1 it + 1

+ 5(1 + te ) Ay (Ve —

36(1+u,) 3(14uz) °

10.1.5 Initial Yielding Moment

(10.5)

(10.6)

As shown in Fig. 10.4, the bending moment when the edge fiber reaching the yielding

point is
M. — fyTzqu
= 22
Ymax
and

Ymax = maX{ye, h _ye}

/Afeq

Fig. 10.4 Equivalent cross section in plastic state

10.1.6 Location of the Neutral Axis in Total Plastic State

(10.7)

(10.8)

According to Fig. 10.4, the location of the neutral axis in a total plastic state is cal-

culated by
(1) for u, # 1

Yo= % [4(Ct —d)? — 4L [(ho +20) (St — d)

— (W3 420+ 2hot) /2 — (up — AL} + st —d

g

(10.9)
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and (2) foru, =1

h

y,,:?"ﬂ (10.10)

where
up — f\'TI : — MP ld

hr ho
10.1.7 Plastic Moment
The plastic moment is obtained by

M, = fir,[(yp—t/2)Ar+ (h—y, —t/2)Asu, (10.11)

+(do +2d) (3, —1)/6+ (do + 2upd) (h — y, ~ 1)2/6]

where
(yvp—1)(up —1)d+dhg

d:
0 do

(10.12)

10.1.8 Stiffness of Element

Fig. 10.5 shows the force {f} and displacement {8} of an element and Fig. 10.6
shows the nonlinear moment-curvature relationship of the elemental cross-section
with strain hardening involved.

ﬁNL ( ' NN x
1 e o |

Fig. 10.5 Elemental forces and displacements

Based the philosophy of the generalized Clough model!'%1[!] "an element is as-
sumed to be composed of three sub-elements with different boundary conditions (see
Fig. 10.7) and the incremental stiffness equation of the element is obtained by

{df} = [Kr][dé] (10.13)
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M a(ED),
BED,,

(pS gDI’ w

Fig. 10.6 Moment-curvature relation

and
i+ )+ a6+ e
1—op)(|K3)+ [Kg3)), o, = o,
K71 =3 (Kol + Koo + (= 00) (ol + Kenl)  (1014)

+(1 — ar)([K3] + [Kg3)), or < ag

where {df} and {dJ} are the incremental force vector and incremental displacement
vector respectively, [Kol, [K1], [K2] and [K3] are the elastic stiffness matrices of the
element with both ends in an elastic state, the left end in an elastic state and the right
end in elasto-plastic state, the left end in an elasto-plastic state and the right end in
elastic state and both ends in an elasto-plastic state respectively, which are expressed
in Appendix B and obtained by using the equivalent axial and bending stiffness deter-
mined by Eq.(10.3) and Eq.(10.5). [Kcol, [K:1], [Kg2] and [Kg3] are the geometrical
stiffness matrices of the element with corresponding end elasto-plastic conditions for
[Kol, [K1], [K>] and [K3] respectively, which are also expressed in Appendix B. o
and and oy are the coefficients indicating the deformation state of the two ends of
the element, which can be determined according to values of the bending moment at
the elemental ends as

1, M < M;
1
. <
o— M=, 1 M<MsM, (10.15)
1+( (7 —1)
M, — M; B

B, M>M,

where M
m=78(1-=)—1

MP

M; and M), are the initial yielding moment and plastic moment respectively (Fig.
10.6) determined by Eq.(10.7), Eq.(10.10) and Eq.(10.11). B is the strain hardening
factor of steel.
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10.2 Thermal Force of Element

When the thermal expansion of the element is restrained, there will be an additional
axial load and bending moment (thermal forces) induced in the element. The thermal
forces in an element transfer to those elements that constrain it. Thus, effects of
thermal expansion in a structure are treated as thermal loads acting on the structure.
Based on the generalized Clough model (see Fig. 10.7 and Fig. 10.8), the thermal
loads induced by the elevation of temperature in an element are expressed as

N
oL
(P} = ]A\f; (10.16)
Or
Mg
and
N = —(EA)q@AT
Or = —3(0og — OCR)U”MW
. _W(EI)EQ“(AB _ATy) , when oy > o
_Tz(EI)erC(ATZ —ATY) , when oy, > ag 10.17)
N = (EA).q@ AT
Or =3(a — OCR)(EI)eqa(AT;i;;ATz)
R (EI)eyo( AT, — AT}) , when oz, > o
Mie= M%(El)eqa(ATz _ATy) , when oy, < ag

where AT is the temperature increment in the top flange and AT is the temperature
increment in the bottom flange.

10.3 Structural Analysis

When the temperature in the structure increases, the balance between internal and
external forces will be broken due to the degradation in structural stiffness and ther-
mal expansion. Further displacement of the structure will take place to equilibrate
the unbalanced forces and a new balanced state will be established (Fig. 10.9).

Thus a step by step Newton-Raphson procedure is adopted to predicate the re-
sponse of a structure subjected to elevated temperatures. This is briefly described as
follows:

(1) update the geometrical and physical properties of all elements when the temper-
ature of the structure is increased from {7;_; } to {T;};
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Fig. 10.7 Philosophy of the generalized Clough model (o, > og )
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Fig. 10.8 Thermal forces induced in an element with different boundary conditions (a7, > o).
(a) The element with fix-fix ends; (b) The element with fix-pin ends; (c) The element with pin-
pin ends

(2) calculate the thermal load vector of each element {Pr, }¢ due to the temperature
increment {AT} = {T;} — {T;— }, and thermal load vector of the structure at
nodes {Pr,};

(3) calculate the unbalanced nodal forces through

{AR} = {P} — {F_\}+{P;} (10.18)

where {P} is the nodal external load vector, {F;_; } is the resultant of the internal
force {F;_; }¢ at the temperature {7;} corresponding to the elastic displacement
{0i—1}¢ at temperature {7;_; }, {F;_ }° is the element force at temperature {7;}
corresponding to the elastic displacements {J;_ }¢ and

{Fi1}* = [Kpl {0i1}e +{F6}* (10.19)

[K7;]; is the elastic stiffness matrix of the both ends fixed element at temperature
{T;}, {8i—1}¢ is the elastic displacement of the elements at temperature {7;_; },



10.3 Structural Analysis 289

P}
{Tx s B heatlng (T, (E} {AT}, {E}
} {61 l} {F 0} {5—1} {PT,}
~<
(a) Balanced structure at tempera- (b) Unbalanced structure at temperature 7;
ture 7;
P
{
T3 {E}
{F}, 165,
s

(c) Balanced structure at
temperature 7;

Fig. 10.9 Balance in a structure during heating

{Fs}* is the geometrical force induced by axial force N approximately as

{Fo} =N (8.1} (10.20)

o o oo o O
|

o~l—o o~I~

o o oo

o o o

!
I
00

where {0;_1 }° is the elemental displacement at temperature {7;_; } and

(EA).

N:
[

(U e —vre) (10.21)

ug e and vy, are the axial elastic displacements in {&;_; }¢.
(4) solve the following equation by the incremental method to obtain the incremental
displacement {A;} and the incremental elemental force {AF; }€ as

{AF;} = {AN,AQr,AM, ANg, AQgr, AMg}"

due to the unbalanced forces {AR}. [Ky_;] is the elasto-plastic stiffness matrix
of the structure at temperature {7;_1 }.
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(5) calculate the increment in the elemental elastic displacement {;}¢ correspond-
ing to the incremental elemental force {AF;} by

AML
AVL

1 1
a (ZAML — AMR) — Y(AVL — AVR)

{Ad}e =14 A LN (10.22)
e — AN
ur + (EA)eq R
AVR
1 1
a(ZAMR —AML) — ?(AVL — AVR)
where £l
i= (ED)eq (10.23)

(6) calculate the displacement vector {9;} of the structure and the elemental elastic
displacement {; }¢ at temperature {7;}.

{6} ={6-1} +{Ad;} (10.24)
{0} = {81} +{Ad}, (10.25)

(7) repeat (1) to (6) until [K7,] becomes non-positive and then the limit state of the
structure is determined.

10.4 Experimental and Theoretical Prediction

To investigate the structural behavior of a steel frame in a fire and validate the pro-
posed approach, experimental research on two large-scale steel frame models was
carried out at Tongji University. Both models were single-storey two-bay frames
with the span of 1620 mm and a height of 1400 mm. All columns were protected
from out-of-plane deformation and tensional displacement by lateral supporting ele-
ments. The model configuration and the location of restraints are shown in Fig. 10.10.
Beams were made of rolled I-shape steel (I10) with a measured yielding strength of
294.9 MPa and modulus of elasticity of 2.03E+5 MPa at room temperature. Columns
were made of square steel tubes of 100 mmx 100 mmx4.2 mm with a measured yield
strength and modulus of elasticity at room temperature of 334.2 MPa and 2.18E+5
MPa respectively. Seven vertical loads of 30.0 kN were applied to he model (see Fig.
10.10) and the load-bearing capacity of the model at room temperature was approx-
imately P=60.0 kN.

A specially designed gas furnace was used to heat the frame. The load was kept
constant during the heating. Thermocouple locations for measuring the steel tem-
perature are shown in Fig. 10.11. The failure model of the frame is shown in Fig.
10.12(a) and Fig. 10.12(b) respectively. The temperatures of FRAME 1 and FRAME
2 are shown in Fig. 10.13 and Fig. 10.14 respectively.
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Fig. 10.10 Configuration of the model frame (mm)
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Fig. 10.11 Positions of thermocouples

Failure temperatures of the two model frames were evaluated using the proposed
analytical approach. One element was used for each column and a beam was divided
into four elements with the same length. Fig. 10.15 and Fig. 10.16 show comparisons
between the measured deflection at mid-span of the beam with the predicted result
using recorded temperatures as input data. Table 10.1 compares the fire resistance

times of the two frames which shows reasonable agreement between predictions and
test results.



(b) Failure of FRAME 2

Fig. 10.12 Failure of the frames in the test

Table 10.1 Fire resistance of the models (min)

FRAME 1 FRAME 2

Experimental 64 76
Calculated 58 74
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Fig. 10.15 Comparison between the calculated and measured deflections of FRAME 1
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Fig. 10.16 Comparison between the calculated and measured deflection of FRAME 2
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11

Analysis and Design of Large Space Steel Structure
Buildings Subjected to a Fire

Large space steel structure buildings are widely used in industrial and commercial
areas, as shown in Fig. 11.1. A catastrophe to this type of structure caused by a fire
happens occasionally, as shown in Fig. 11.2. There are both scientific and engineer-
ing demand for proposing analysis and design methods for the fire safety of large
space steel structure buildings.

11.1 Practical Analysis Approach for Steel Portal Frames in a
Fire

Steel loses most of its strength when its temperature rises to 600 °C. Fire protection
is a very important issue for steel structures. Conventionally, the thickness of fire
protection of a steel structural member is determined through a standard fire test.
This approach is not reasonable since there are lots of factors influencing the fire-
resistance of a component that can not be reflected merely through tests. Analytical
approaches for the fire safety design of steel members are proposed and employed in
the codes of many countries for design of steel structures subjected to a fire!!234],

The fire safety design of a steel portal frame can be based on analysis of the be-
havior of the overall structure in a fire. Investigations are carried, through nonlinear
FEM, on effects of structural parameters on the critical temperature of a steel por-
tal frame. By only including the major parameters, a practical design approach is
developed for the fire safety design of a steel portal frame [>6-71,

11.1.1 Finite Element Modeling and Assumptions

The 2D nonlinear beam element with tapered section is adopted for the analysis. The
following assumptions are employed

e the perfect elastic-plastic stress-strain model is used for the steel at elevated
temperatures;
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Fig. 11.1 Application of the steel portal frame

Fig. 11.2 Damage to steel portal frames caused by a fire
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o the yield strength and elastic modulus of the steel at elevated temperatures used
for this investigation as

BT 0a13-1.3% 10737, +2.0x 107672 - 3.0 x 107977
bf; (11.1)
& = 10-1.0x 10747, +7.0x 107772 - 3.0 x 1077

e the local buckling in the web of a structural component is ignored;
e only vertical loads are taken into account.

The accuracy of the FEM approach proposed was verified by experimental results
on steel portal frames [©.

11.1.2 Parameters Influencing the Fire Resistance of a Steel Portal
Frame

Steel portal frames are commonly fabricated with tapered H-section members. Three
parameters affect the critical temperature of a steel portal frame subjected to a fire,
as shown in Fig. 11.3:

e loads applied on the structure including their forms and values;

e geometrical parameters of the member section including section height 4, flange
width b, flange thickness 77, web thickness #,, and wedge rate of tapered member
o ; and

e geometrical parameters of the overall structure including column height H,
frame span L and girder slope of the frame ¢.

11.1.2.1 Effects of Load Ratio

Loads that govern the structural design of steel portal frames are mainly vertical
loads for the relatively low height of this kind of building. To simplify the analysis,
only the uniformly distributed vertical load on the steel portal frame is taken into
account. Define the load ratio R as the ratio of the design vertical load applied on
a structure in case of fire to the elastic ultimate limit load of the structure at room
temperature.

Effects of R on the critical temperature of a steel portal frame were analyzed
through studying the steel portal frame with non-tapered members. Other parameters
of the frame are 71p=500 mm, b=150 mm, ty=12 mm, #,,=8 mm, H=4 m, L=24 m and
¢@=15°. The critical temperature of the frame varying with the load ratio is listed in
Table 11.1. R has significant effects on the critical temperature of a steel portal frame.

11.1.2.2 Effects of Wedge Rate of a Tapered Member

The steel portal frame members usually use the H-shaped section with a varying
height of web. The maximum and minimum section heights of the beam h; and h;
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Fig. 11.3 Portal frame

Table 11.1 Critical temperature of a steel portal frame with different load ratios

R 02 03 04 05 06 07 08 09

Critical temperature (°C) 760 710 675 630 610 580 545 505

are assumed to be equal to that of the column. Other parameters of the frame are
ho=360 mm, b=170 mm, ¢;=12.7 mm, #,,=8 mm, H=4 m, L=20 m and ¢=15°. The
critical temperature of the steel portal frame varying with the wedge rate is listed in
Table 11.2.

Table 11.2 Effects of the wedge rate on the critical temperature of a steel portal frame (°C)

R Critical temperature

o=0° 0.5° 1.0° 1.5°
0.3 635 650 650 635
0.4 610 605 615 610
0.5 555 555 550 555
0.6 490 510 515 510

0.7 370 415 440 445
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As listed in Table 11.2, the wedge rate of a tapered member has little effect on
the critical temperature of the steel portal frame when the load ratio is less than 0.7,
which is usual in practice.

11.1.2.3 Effects of Flange Width, Flange Thickness and Web Thickness of the Member
Section

To investigate effects of the flange width, the flange and web thickness of a member
on the critical temperature of a steel portal frame, a set of steel portal frames with
uniform members are selected for analysis. All the members in the studied frame
are assumed to have the same section as shown in Fig. 11.4. Other parameters of
the frame are 7p=450 mm, H=4 m, L=20 m and ¢=15°. Critical temperatures of
frames with different flange width, flange thickness and web thickness of a member
are listed in Table 11.3.

[ =— ‘ r 1

= ~ \oT ~

= o &
=3 =3
v v
< <

8 L6 -6 S8
J_JL —— | Y

170 170 170 170 250

Fig. 11.4 Frame member sections (mm)

Table 11.3 Effects of the flange width, the flange and web thickness of a member on the critical
temperature of a steel portal frame (°C)

Critical temperature

R

A* B C D E
04 685 690 675 685 685
0.6 615 615 615 615 615
0.8 550 565 550 555 550
1.0 465 460 460 470 465

*A-E: Sections

The flange width, the flange thickness and the web thickness of a member have
little effect on the critical temperature of a steel portal frame.

11.1.2.4 Effect of Section Height

Change the section height to identify its effect on the critical temperature. Other pa-
rameters of the frame are #,=12 mm, £,=8 mm, H=4 m, L=24 m and ¢=15°. Three
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different section heights, 900, 600 and 400 mm, are considered, and the correspond-

ing flange widths are 300, 200 and 100 mm respectively. Critical temperatures of
studied frames with different section height are listed in Table 11.4.

Table 11.4 Effect of the section height on the critical temperature of a steel portal frame (°C)

Critical temperature

h
0 R=02 03 0.4 0.5 0.6 0.7 0.8 0.9 1.0

400 720 680 650 605 575 520 480 415 350
600 780 710 680 645 615 595 575 535 505
900 780 715 685 655 625 600 575 550 525

The section height of a member has significant effect on the critical temperature
of a steel portal frame. The critical temperature increases as the section height of a
member increases.

11.1.2.5 Effect of Girder Slope

Two different girder slopes ¢, 5° and 15° are considered. Other structural parameters
of the steel portal are 7p=600 mm, 5=200 mm, ¢y=12 mm, #,,=8 mm, H=4 m and
L=24 m. The critical temperature of the studied frame with different girder slopes
are listed in Table 11.5. The girder slope has little effect on the critical temperature
of a steel portal frame.

Table 11.5 Effect of the girder slope on the critical temperature of a steel portal frame (°C)

Critical temperature
R=0.2 0.3 0.4 0.5 0.6 0.7 0.8 0.9 1.0

¢

50 770 710 685 630 615 595 565 530 490
15° 780 710 680 645 615 595 575 535 505

11.1.2.6 Effect of Frame Span

Four different frame spans, 40 m, 32 m, 24 m and 16 m are considered for investigat-
ing their effect on the critical temperature. The other parameters of the steel portal
frames with uniform members are 4p=500 mm, =150 mm, #y=12 mm, #,,=8 mm,
H=4m and ¢=15°. Critical temperatures of these frames with various beam spans
are listed in Table 11.6. The frame span has a significant effect on the critical tem-
perature. The critical temperature decreases as the frame span increases.
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Table 11.6 Effect of the frame span on the critical temperature of a steel portal frame (°C)

Critical temperature

L

R=02 0.3 0.4 0.5 0.6 0.7 0.8 0.9 1.0
16 775 710 685 650 620 605 575 535 515
24 760 710 675 630 610 580 545 505 460
32 730 690 650 605 575 535 480 420 335
40 710 670 610 585 540 490 435 360 260

11.1.2.7 Effect of Column Height

Three different column heights, 10 m, 7 m and 4 m are considered. Other param-
eters of the steel portal frames are p=600 mm, »=200 mm, ;=12 mm, £,=8 mm,
L=24 m and ¢=15°. Critical temperature of the studied frames with various column
heights are listed in Table 11.7. The critical temperature of the frames decreases as
the column height increases.

Table 11.7 Effect of the column height on the critical temperature of a steel portal frame (°C)

Critical temperature

H

R=02 03 0.4 0.5 0.6 0.7 0.8 0.9 1.0
4 780 710 680 645 615 595 575 535 505
7 730 705 660 620 595 565 525 480 415
10 710 675 620 600 555 500 450 365 285

11.1.3 Estimation of the Critical Temperature of a Steel Portal
Frame

Through previous systematic investigations on effects of various parameters on the
critical temperature of a steel portal frame subjected to a fire, it has been found that
major parameters are the load ratio, the frame span L, the column height H and
the member section height 4. Other parameters, such as the wedge rate of tapered
members, the flange width, the flange thickness and the web thickness of a member
and the girder slope have insignificant effects on the critical temperature of a steel
portal frame.

In order to build a simplified design equation for fire-resistance of a portal frame
structure, a parametric study was performed. Studied parameters are

e seven different member section heights as listed in Table 11.8 in Appedix F;
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e seventeen different load ratio as R=0.2, 0.25, 0.3, 0.35, 0.4, 0.45, 0.5, 0.55, 0.6,
0.65, 0.7, 0.75, 0.8, 0.85, 0.9, 0.95 and 1.0;

e six frame spans as L=52 m, 40 m, 32 m, 24 m, 16 m and 12 m; and

o three column heights as H=4 m, 7 m and 10 m.

In total, 126 steel portal frames with member section heights varying from 300 mm
to 900 mm, frame spans varying from 12 m to 54 m and column heights varying from
4 m to 10 m are analyzed.

Table 11.8 Member section (mm)

Section No. 1 2 3 4 5 6 7

h 900 800 700 600 500 400 300
b 300 250 200 200 150 100 100
ty 8 8 8 8 8 8 8
tr 12 12 12 12 12 12 12

The critical temperature of steel portal frames decreases as the span increases
if L>2H, while the critical temperature increases as the span increases if L<2H. It
is regarded that the critical temperature is governed by the frame span L if L>2H,
while it is governed by column height H if L<2H. It is further found that the crit-
ical temperature is in proportion to the frame span and in inverse proportion to the
member section height.

Define the parameter K as
L

hC

where c is a constant to be determined. The value of ¢ is obtained in such a way that
the critical temperature of a steel portal frame with the same K and H but different
L and & should equal each other. In this way it is obtained that c=1.5 when H=4 m,
c=1.8 when H=7 m and ¢ = 4.5 — 3hyp when H=10 m. Thus, the critical temperature
of a steel portal frame can be finally determined in the form of Tables 11.9-11.11.

Through comparing the critical temperature obtained by FEM and listed in Tables
11.9-11.11, it is found that when R<0.6, the biggest difference in critical tempera-
tures is 15 °C and normally less than 10 °C. When 0.6<R < 0.8 the biggest differ-
ence in critical temperatures is 20 °C and normally less than 10 °C. When R>0.8,
the biggest difference in critical temperatures is 25 °C and normally less than 15 °C.
Therefore the table approach presented for estimating the critical temperature of a
steel portal frame is effective.

The following points must be pointed out for estimating the critical temperature
of a steel portal frame in Tables 11.9-11.11:

K

e Tables 11.9-11.11 are applicable for the steel portal frame with either tapered
members or uniform members. However, the frame span should be less than 52
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Table 11.9 Critical temperature of a steel portal frame with H=4 m (°C)

Critical temperature R Critical temperature

K=40 60 80 100 120 140 K=40 60 80 100 120 140

R

020 780 760 740 720 710 700 0.65 610 600 560 540 510 480
025 740 720 710 700 690 680 0.70 600 580 540 510 470 440
030 710 710 700 690 660 650 0.75 580 570 520 490 450 420
035 700 690 680 660 630 620 0.80 570 560 500 470 420 390
040 680 680 650 640 610 610 0.85 560 530 480 440 380 360
045 670 660 630 620 590 580 090 540 510 450 400 360 340
0.50 650 630 620 610 570 570 095 530 490 420 360 320 290
0.55 640 620 600 580 550 530 1.00 510 460 380 310 290 260
0.60 620 610 580 560 530 500

Note: K = L/h!?

Table 11.10 Critical temperature of a steel portal frame with H=7 m (°C)

Critical temperature R Critical temperature

K=40 60 80 100 120 140 K=40 60 80 100 120 140

R

020 750 730 720 710 700 690 0.65 590 570 550 530 490 470
025 720 710 700 690 680 670 0.70 570 560 530 500 460 440
0.30 710 700 680 670 660 650 0.75 560 540 500 470 430 420
0.35 700 680 650 650 630 620 0.80 540 520 480 440 400 380
040 670 660 630 620 610 600 0.85 520 500 450 410 360 340
045 650 640 620 610 600 580 0.90 500 470 410 380 330 310
0.50 630 620 610 590 570 560 095 480 430 370 340 300 270
0.55 610 610 590 580 550 520 1.00 460 400 330 300 260 230
0.60 600 600 570 550 530 500

Note: K = L/h'-8

m and the column height should be less than 10 m to meet the condition L>2H.
The section height of the frame members 4 can vary from 300 to 900 mm;
when K <40, it can be safely assumed that K=40. However, when K is beyond
the upper limit in Tables 11.9-11.11, the tables can not be used;

if the column height is between 4 m and 7 m or between 7 m and 10 m, the
interpolation method is employed for determining the critical temperature of a
steel portal frame;

if the column height of a steel portal frame is less than 4 m, but L>2H, it can be
safely assumed that H=4 m. If the span of a steel portal frame is less than 12 m
and L>2H, it can be safely assumed that L=12 m.
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Table 11.11 Critical temperature of a steel portal frame with H=10m (°C)

Critical temperature Critical temperature

R R

K=40 60 80 100 120 140 K=40 60 80 100 120 140

020 740 710 710 710 710 710 0.65 590 560 540 530 520 480
025 710 700 700 700 690 680 0.70 570 540 510 490 480 460
0.30 700 690 680 670 660 660 0.75 550 510 490 470 460 430
035 690 670 650 640 640 630 0.80 530 490 460 450 420 390
040 670 630 630 620 620 610 0.85 520 450 420 400 380 340
045 640 620 610 610 600 590 0.90 500 420 390 370 350 320
0.50 620 610 600 590 590 580 095 480 380 340 330 320 290
0.55 610 590 580 570 570 550 1.00 450 350 320 290 280 250
0.60 600 580 560 550 540 520

Note: K = L/h*> 3

11.1.4 Example

Geometric parameters of the studied steel portal frame are H=5 m, L=20 m, ¢=15°,
h1=540 mm, h»=180 mm, 5=170 mm, #;=12.7 mm and #,,=8 mm. The frame is made
of Q345 steel and subjected to a uniform vertical load with g=8 kIN/m in case of a
fire.

Design procedure:

(a) The average section height of the frame is

it

ho 5

=360 mm

(b) The elastic limit vertical load of the steel portal frame with equivalent uniform
section height of 360 mm is

gmax = 10.92 kN/m
and the load parameter is

qg 8
Gmax  10.92

=0.73

(c) Estimate the critical temperature of the corresponding frame by Table 11.9
and Table 11.10 for H=4 m and H=7 m respectively. For H=4 m, K=20/0.351.5=93.
The critical temperature of the frame is estimated in Table 11.9 as 74=500 °C. For
H=7 m, K=20/0.351.8=126. The critical temperature of the frame is estimated in
Table 11.10 as 77=500 °C.

(d) The critical temperature of the example frame is obtained by linear interpola-
tion of Ty and T gives T,,=477 °C.
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(e) The critical temperature of the frame with tapered members predicated by
FEM is 520 °C, and that of the frame with equivalent uniform members is 480 °C.

It is obvious that the critical temperature of a steel portal frame with uniform
members estimated in the tables presented agree with the FEM results very well,
while the critical temperature of the steel portal frame with tapered members is
slightly higher than that of the corresponding steel portal frames with uniform mem-
bers.

11.1.5 Fire Protection

The thickness of fire protection of the steel portal frame required to resist ISO834
standard fire® is calculated 1% as

-1
F T -20 2
d:AV 2><105( t +0.2) —880] (11.2)

where T is the critical temperature, ¢ is the fire-resistance duration requirement of
the frame considered in seconds.

11.2 Critical Temperature of a Square Pyramid Grid Structure in
a Fire

A square pyramid grid is the most common used grid structure form in Chinal!!l.

Parametric studies on the square pyramid grid in a fire are performed using the finite
element software ANSYS 213141 And a practical design method is presented based
on the analytical results 1!,

11.2.1 Parameters of Grid Structures

The size of the grid is 3 mx3 m with the long side of the grid structure from 24 m to
36 m and short side of the structure from 24 m to 36 m.

11.2.1.1 Member Sizes and Material Properties

The structural member is made of Q235 steel with a yield strength of 215 N/mm? and
an elastic modulus of 2.05x 10° N/mm? at ambient temperature. Details of structural
members are listed in Table 11.12.

11.2.1.2 Boundary Conditions

In order to release the thermal expansion, the grid structure is usually pin supported.
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Table 11.12 Details of the structural member

Section size Sectional area Moment of inertia Slenderness Stability factor

No.
(¢ x1) A (cm?) I (mm*) A ¢ (at ambient)

1 60x3.5 6.21 24.88 150 0.339
2 76x3.75 9.05 58.81 118 0.507
3 89x4 10.68 96.68 100 0.638
4 108x6 19.22 250.78 83 0.763
5 127x8 29.91 531.53 71 0.834
6 159% 10 46.81 1304.22 57 0.894
7 159% 14 63.74 1690.84 58 0.890
8 168x18 108 2229.85 54 0.904

¢ is the outer diameter of the component; ¢ is the thickness of the pipe; A is calculated

assuming the component with length of 3 m

11.2.2 Definition of Parameters
11.2.2.1 Stability Stress Ratio

The stability stress ratio is defined as

(0]
Rs =

of

where 0y is the stress of a structural member at ambient temperature.

11.2.2.2 Structural Load Ratio

The structural load ratio is defined as !

R=—
Fcr

(11.3)

(11.4)

where F,, is the applied load on the structure when the member stability stress ratio
Rs=1 and FT is the applied load on the structure in a fire situation. R is usually

between 0.3 to 0.8.

11.2.2.3 Characteristic of the Grid Structure

The analysis of a grid structure usually uses the pseudo plate theory [!6]. The stiffness

of a square pyramid grid structure in the x- and y-direction are
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D — AuAp ERW?
* Apx+Apc s
(11.5)
_ AyAy ER?
Y Aayt+Apy s
where s is the dimension of the grid, as shown in Fig. 11.5.
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Fig. 11.5 Square pyramid grid structure
The overall bending stiffness of the grid structure is
D= /DD, (11.6)

The shear stiffness of the square pyramid structure in the x- and y-direction is the
same and is calculated by

\/2EA_sin’ B cos B
C=C=C, = (11.7)

-y
N

11.2.2.4 Controlling Structural Component and Non-controlling Structural
Component

The structural component with the maximum stability stress ratio is the controlling
structural component in the design. And the others are non-controlling structural
components. The relation between the structural load ratio and the stability stress
ratio of the structural component is

R = max{Rs} (11.8)

11.2.2.5 Critical Temperature of the Steel Grid Structure

The temperature at which the first structural component reaches its ultimate limit
state is called the critical temperature of the structural component (7;,9) and the tem-
perature at which the whole structure reaches its ultimate state is called the critical
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temperature of the whole structure (7). Usually, T;,; will be higher than T.,o. For
very important buildings, it should be designed according to T,q. If the large defor-
mation of a structure is allowed, it can be designed according to T¢,;.

11.2.3 Critical Temperature of the Structural Component

The steel grid structure is analyzed using finite element software ANSYS!'3]. The
stress development of the structural controlling component is shown in Fig. 11.6.
With the elevation of temperature, the stability stress degrades. The critical tempera-
ture is reached when the stability stress equals the stress of the structural controlling
component at ambient temperature.

Stress of controlling structural component
= = = Overal buckling capacity of controlling structural component

1201
1004 T T7o- -
804 AN 7=570"C

N
1 N
\
60

40

o (N/mm®)

20 1

T T T T T T T T T T T T
0 100 200 300 400 500 600
T (°C)

Fig. 11.6 Critical temperature of the structural controlling component

11.2.4 Critical Temperature of the Grid Structure in Uniform
Temperature Field

Grid structures with different load ratio, dimension and value of C/D are analyzed
using ANSYS. Critical temperatures of structural components and the overall struc-
ture in uniform temperature field are listed in Table 11.13.

The dimension and the ratio C/D have a very limited effect on the critical temper-
ature of a grid structure, as shown in Table 11.13. Critical temperatures of structural
components and those of the overall structure are close to each other. Hence, the
critical temperatures of a grid structure in a uniform temperature field are further
simplified, as listed in Table 11.14.
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Table 11.13 Critical temperatures of the grid structure in a uniform temperature field (°C)

Dimension Tero Ter

C/D LygxLap(m) R=080.7 06 05 04 03 R=0.807 0.6 05 04 03

0.238 24x24 480 530 560 580 620 650 490 540 570 600 630 660
0.222 24x27 430 520 550 580 620 650 440 530 560 600 630 660
0.21 24x30 480 520 560 600 630 660 490 530 570 610 640 670
0.208 27x27 470 530 540 580 620 650 480 540 550 590 630 660
0.205 24x33 440 520 560 580 620 650 450 530 570 600 630 660
0.189 24x24 450 530 550 600 630 660 460 540 570 610 640 670
0.187 30x30 460 540 560 600 630 650 480 550 580 610 640 670
0.168 33%x33 490 530 560 600 630 650 500 540 580 610 640 670
0.164 24x24 500 530 570 600 630 650 510 540 580 610 640 670
0.154 27x27 490 540 570 600 630 650 500 550 580 610 640 670
0.139 36x36 440 480 560 590 620 650 450 490 570 600 630 660
0.131 30x30 480 530 550 590 620 650 490 540 560 600 630 660
0.121 33x33 480 530 570 600 620 650 500 540 580 610 630 660
0.11 27x27 490 530 570 600 630 660 500 550 580 610 640 670
0.109 36x36 460 520 560 590 630 660 470 530 570 600 640 670
0.101 24x24 500 540 570 600 630 660 510 550 580 610 640 670
0.096 33x33 500 540 570 600 620 660 510 550 580 610 630 670
0.089 27x27 510 540 580 600 630 660 520 550 590 610 640 670
0.088 30x30 490 540 570 600 630 660 500 550 580 610 640 670
0.077 30x30 520 560 580 610 640 670 530 570 590 620 650 680
0.063 33%x33 490 550 580 610 630 650 500 560 590 620 640 660
0.06 36x36 500 530 570 590 630 660 510 540 580 600 640 670
0.056 36x36 510 540 570 600 630 660 520 550 580 610 640 670

Table 11.14 Critical temperatures of the grid structure in a uniform temperature field (°C)

R 0.8 0.7 0.6 0.5 0.4 0.3

Ter 480 550 580 600 640 670
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11.2.5 Critical Temperatures of the Grid Structure in a
Non-Uniform Temperature Field

The smoke temperature in a large space building fire usually is non-uniformly dis-
tributed. The smoke temperature at the fire center is the highest, and the temperature
decreases further away from the fire center one goes. Thermal stresses are generated
in a grid structure in a non-uniformly distributed temperature field.

11.2.5.1 Non-uniformly Distributed Temperature Field

The temperature field is determined by

x—b

f)=n+(1-n}e H (11.9)

where 1 and p are parameters as listed in Table 11.15 and x is the distance to the fire
center.

Table 11.15 Values of parameter 1 and p

n H

n
— O
)

0.85 0.75

O}
— O W
[e e}

0.8 0.7

O = O W = olE

11.2.5.2 Critical Temperature of the Structural Component

Analysis results showed that the critical temperature of a structural component de-
pends on the load ratio and the parameter 7). The critical temperature of structural
components with a different load ratio and temperature distribution type is listed in
Table 11.16.

For convenience in engineering applications, the critical temperature of a struc-
tural component is also expressed by

290 +930n2% — (200 +700n)R, 0.2<n <0.6
- 120
Tero 840—F—410R2, 0.6<n<0.38 (11.10)
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Table 11.16 Critical temperature of the structural component (°C)

Critical temperature

R=0.8 0.7 0.6 0.5 0.4 0.3
0.8 401 467 516 556 593 630
0.7 340 409 463 503 539 572
0.6 253 320 367 407 448 487
0.5 210 263 300 335 368 402
0.4 189 227 258 287 316 347
0.3 163 197 222 247 273 301
0.2 144 164 193 216 237 257

11.2.5.3 Critical Temperature of the Overall Structure

The critical temperature of the overall structural component depends on the structural
load ratio and the temperature distribution of the fire. The critical temperature of the
overall structure is listed in Table 11.17. The stiffness ratio C/D has very little effect
on the critical temperature.

Table 11.17 Critical temperature of the overall structure (°C)

Critical temperature

1 R=0.8 0.7 0.6 0.5 0.4 0.3

0.8 441 510 567 610 650 691
0.7 397 495 577 647 708 764
0.6 319 429 494 582 667 730
0.5 275 378 457 562 662 732
0.4 247 349 421 540 629 710
0.3 226 321 386 514 603 726
0.2 196 253 346 477 587 715

The critical temperature of the overall structure is also expressed by

Tcr =10+ AT

(11.11)

where AT is the difference between the critical temperature of the overall structure

and the structural component and given by

720 — 98512 — (870 — 1395n?)R,
AT =19 36548411 (468 + 1191 )R?,
Inn Inn

02<n
6<n

<0.6

—08 (11.12)
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11.2.6 Conditions for a Grid Structure with no Need of Fire
Protection

If the temperature of a grid structure in a fire is lower than the critical temperature of
a structural component, the structure does not need fire protection. Configuration fac-
tors of structural components in a grid structure are usually very high. For simplicity,
the temperature of a structural component be the same temperature as the smoke. In
a large space building fire, the smoke temperature depends on the fire power. Table
F-1 gives the maximum fire power at which the grid structure does not need fire pro-
tection, including the floor area A, the load ratio R, the height of the structure above
the floor and the non-uniformly distributed temperature parameter 7.

11.3 Continuous Approach for Cable-Net Structural Analysis in a
Fire

The saddle-backed cable net structure is constructed by concave cables which are the
load bearing components and convex cables which behave as the stabilizing cable.
The commonly used cable net structure is shown in Fig. 11.7.

Fig. 11.7 Commonly used saddle-backed cable net structures
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Cable net structures are commonly used in large space buildings, such as stadi-
ums and multiple storey houses. The shape and load bearing mechanism of a cable
net structure is formed through the tensile force in the cable. However, the elastic
modulus and strength of the high strength cable degrades quickly at high tempera-
ture. For example, at a temperature of 700 °C, the tensile strength is only 10% of
that at ambient temperature and the elastic modulus is only 3% of that at ambient
temperature!!”!. On the other hand, the thermal strain will cause loss of tensile force
in the cable which may cause a shape change or large displacement of the structure.

A continuous progress is developed to predict the fire resistance of a cable net
structure. It is assumed that only the cable is under tension only.

11.3.1 Behavior of a Single Cable in a Fire

11.3.1.1 Formulation and Solution of a Single Cable at Ambient Temperature

The cable satisfies the equilibrium equation as !13:19:20]
My(x) ¢
= - 11.13
0= X ( )

where 7 is the deflection of the cable, g is the applied uniformly distributed load on
the cable, / is the span of the cable, My(x) is the moment at the position x induced by
the applied load, Hy is the tensile force in the cable and c is the vertical displacement
of the support, as shown in Fig. 11.8.

Fig. 11.8 Simplified model of a single cable under uniformly distributed load

If the load gy is increased by Ag, the new equilibrium equation and deformation
condition should satisfy

EA (1| [/dz\? dzo\? U, — U
H—Hy= -2 E) () |dvrEA _EAaAT (1114
=3/, de) (dx) + a ( )
M
=M e (11.15)

H l
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where u, and u; are the displacement of the support.

Eq.(11.14) can be rewritten as
V2 n 2Ve n (c>2
H HI /

2 2
B & B 2Voco (<o dr
Hy Hyl ly

EA
H_H():jfo

_ 11.16
+EAY M EAQAT (11.16)
2 2 2 2
¢ —c EA 1% V,
= EA °+f(§(—°)dx
212M _u21 H? H?
TEAT L _EAQAT

where Vy(x) and Vy(y) are the vertical force at position x!171,
Assume that . ,
/Vzdx:D;/ Vidx = Dy (11.17)
0 J0

and Eq.(11.16) can be rewritten as

EA (D* D3 2 —c2 Uy — uy
H-Hy=—(—5——2 | +EA 0 + EA—— — EAaAT 11.18

0T <H2 Hg>+ AT * (1-18)
The tensile force H in the cable is solved by Eq.(11.18). Then the deflection z of the
cable is solved by Eq.(11.15).

11.3.1.2 Formulation and Solution of a Single Cable at High Temperature

1) Assumptions
For simplifying the formulation of a single cable in a fire, it is assumed that

e the stress-strain relationship of high strength cable is bilinear, as shown in Figs.
11.9 and 11.10; and
e the cable is in tension only.

2) Behavior of a single cable in a fire
The behavior of a cable in a fire is different to that at ambient temperature from three
aspects

o the thermal expansion of steel will cause a loss in the pre-tension force in the
cable;

e the elastic modulus of the steel will degrade with the elevation in temperature;

e the stress-strain relationship of steel is non-linear at high temperature.

The structural analysis of the cable structure is both geometrically nonlinear and
materially nonlinear.

The stress development route of a high strength cable at elevated temperature is
shown in Figs. 11.9 and 11.10. When the temperature increases from #; to #;1, there
are four possible stress development routes shown as
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e route 1 (plastic loading)
The steel changes from a plastic state at the current temperature to a plastic state
at the next temperature.

e route 2 (plastic unloading)
The steel changes from a plastic state at the current temperature to a elastic state
at the next temperature.

e route 3 (elastic loading)
The steel changes from a elastic state at the current temperature to a plastic state
at the next temperature.

e route 4 (elastic unloading)
The steel changes from an elastic state at the current temperature to an elastic
state at the next temperature.

If the temperature step is small enough, the stress-strain relationship used is that
at (t;41 +1;)/2 for simplicity, as shown in Fig. 11.10.

o
tl
/, ~
/ BN
N
\@_/+ ______ "
v
/,
0] £

Fig. 11.9 Stress development routes of high strength cable at changing temperatures

@] €

Fig. 11.10 Simplified stress development routes of high strength cable at changing tempera-
tures
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As shown in Fig. 11.11, for a temperature increase from 7; to 7;y, the increase
in the cable length is
D Dy

AS=———
2H* 2H}

(11.19)
where D and Dy are calculated according to Eq.(11.17), H and Hy show the horizon-
tal tensile force in the cable at elevated and ambient temperatures respectively.
The strain increment is
Ae = Ae' + AN (11.20)

where Ae" is the increase in mechanical strain and Ae™ is the increase in thermal
strain calculated by
Ae" = aAT (11.21)

The change in mechanical strain Ae" is different for different stress development
routes, as shown in Fig. 11.10:

e for route 1, the change in mechanical strain is

v AF

Ag" =
EltA

(11.22)

where Ej; is the tangent modulus of steel at temperature 7;; | and AF is the change
in the tensile force in the cable;

e for stress route 2, the change in the mechanical strain is

AF
AeV == 11.23
£ EA ( )

where E; is the elastic modulus of steel at temperature 7;;

e for stress route 3, the change in the mechanical strain is

O, H O, Hy
AeN =2 — = 11.24
EVEdA E, EA (124
where O is the stress in the cable at temperature #;;
e for stress route 4, the change in the mechanical strain is
AF
AeV = — 11.25
EA ( )

In summary, the change in length of the cable can be determined as

o if the stress develops following route 2 or route 4, the change in the cable length
is
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AF
A=l 77t aAz) dso

EA
AH dx dSo
= s, m<1so+“m> R (11.26)
dzo dzo\?
Afl 1+(dx) dx+ oAt f; (dx)dx
Combining Eq.(11.19) and Eq.(11.26), gives the deformation compatibility equa-

tion as
D Dy - (H—H())él

o ahm! 11.27
22 OH] EA L oAm (11.27)

where [ is the length of the cable, £ and 1 are obtained by

1 dzo
¢ = lf 1+<dx>]dx
(11.28)
1 1 /dzo
n= lf 1+2<dx>]dx

o if the stress develops following route 1, the deformation compatibility equation
is
D Dy (H—H)&l
—— — ———— —anlAt = 11.2
22 OH] EnA n (11.29)
o if the stress develops following route 3, the deformation compatibility equation
is
D Dy (o H Oy Hy
— = — — - oAt |nl=0 11.30
202 21 (E, EvA  Ey EnA ) n (11.30)

The behavior of the single cable is obtained by solving Eq.(11.27), Eq.(11.29)
and Eq.(11.30).

Fig. 11.11 Shape change of the cable at increasing temperature
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11.3.1.3 Verification

A single cable structure loaded by a concentrated force P=0.5 kN is studied, as shown
in Fig. 11.12. The cross section area of the cable A=0.674 c¢m?, the elastic modulus
2.0x 10" N/m?, the span /=26 m and the initial tensile force in the cable is 11.7 kN.
The comparison of the tensile force obtained by the proposed method and the finite
element method is listed in Table 11.18 and Fig. 11.13. The two methods agree very
well.

12 | 12
1 ( 1

Fig. 11.12 Single cable under concentrated load

Table 11.18 Comparison of tensile forces in a cable at elevated temperatures (N)

Tensile forces

Temperature ¢ (°C)

FEM results Proposed method

20 11930 11099
50 8737 8233
100 5883 5673
150 4533 4450
200 3789 3751
250 3312 3293
300 2975 2966
350 2723 2718
400 2524 2523
450 2363 2364
500 2229 2231

550 2106 2119
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Fig. 11.13 Tensile forces of a single cable

11.3.2 Behavior of the Cable-Net Structure in a Fire
11.3.2.1 Behavior of the Cable Net Structure at Ambient Temperature

The level view of the studied saddle back cable net structure is shown in Fig. 11.14,
in which MN and PQ stand for the main cable and the stable cable, respectively.

Assume that both the main cable and the stable cable can only resist the tensile
force.

A
/
f/ -

L

Fig. 11.14 Plan view of the cable net structure

For the cable net structure, the equilibrium equation in incremental form is
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%w %w %z *w
Ho—=— +Ho—=—=+ AH, + =
ox? 0y? ox2 92 1131
220 9w (11.31)
+AH<82+82>+A61 0

where Hy and Hyy show the initial tensile force in the cable respectively, AH,y and
AHy are the increments in the tensile force, Agq is the increment in the applied load,
Zo is the initial deflection and w is the increment in the vertical deflection.

The deformation compatibility equation for the main cable is

2
Gal 8w+% <aw> ]dx (11.32)

AS:MN_MM+//\4 ox Ox ox

where AS is the length increment of the main cable. The deformation compatibility
equation for the stable cable can be obtained by changing x to y.

11.3.2.2 Behavior of the Cable Net Structures at Elevated Temperatures

With the elevation of temperature, both the main cable and stable cable are elastically
unloaded. The mechanical strain is calculated by
AH

AeV = —— 11.
£ EA (11.33)

and the length increment in the main cable is

L
AS = AH
S “EA

1x

+ aAtly, (11.34)

By combining Eq.(11.32) and Eq.(11.32), the deformation compatibility of the
main cable is obtained as

L N
AH— & =y — /
XE,Axg uy MM+.M

dzp dw (8w

ax ox 8x) ]dx Al (11.35)

Similarly, the deformation compatibility of the stable cable is

L
AH)EA =ug— Ltp—|—/

70 8w ow
19y 8y (ay) ‘|dy oAtly (11.36)

Eq.(11.31), Eq.(11.35) and Eq.(11.36) can be solved by the weighted residual ap-
proach. The analysis presented above is used for analysis of a diamond cable net
structure.

As a demonstration, the approach is surmised to be as follows.

(1) The initial formation of the cable net structure is assumed to be

x2 2
z():f(—a2+i2> (11.37)
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(2) At the temperature step 7;, the vertical deflection of the cable net structure is

X oy X oy X oy X oy
= woi 17777><1 al 7)(177 f)(l fff) 11.38
Wi WO’( a b +aer aer Jra b ( )
where wy; is the maximum deflection of the cable net structure for the tempera-
ture step 7;.
(3) The finial deformation of the cable net structure at temperature 7; is

n—1
2=20+ Y, wi=2+wg (11.39)

i=1

where 7 is the step number.
(4) Substituting Eq.(11.39) into Eq.(11.39) and Eq.(11.39) gives

AH,; = u;(8b* +24b%y + 76b%y* + 24by> + 8y*) (—b + y)?

Fvi(B2 4y 4 3by) (—b+v)2 — aAEA, (11.40)

AH,; = r;(8a* +24a>x + 76a%x* +24ax> + 8x*)(—a +x)?

_7a2si(a2+3ax+x2)(—a+x)2—(xAtEAy (11.41)

where
16w EAwg _ 16woiEA.fD?

05200 T T 1054260
(11.42)

16wo; EAyw, 16wo,EA,
rp=—— Si= ————
' 10542602 > 7' 105a0b?
Hence, the tensile force in a cable is

Hy = Hy; 1 +AH,;

11.43
Hyoi = Hyoi—1 + AHy; ( )

In summary, the tensile force in the cable is rewritten as

H, = U(8b* 4+ 24b%y + 76b%y* 4 24by> + 8y*)(—b +y?)
+V (b 432 +3by) (—b+y)> +m

Hy; = R(8a* +24a*x + 76a*x? + 24ax> + 8x*) (—a+x?)
~7a*S(b* +y* +3by)(—a+x)*+p

(11.44)

where

n—1 n—1 n—1 n—1
U=Yu;V=Yvi R=Yr; S=Ys
i=1 | i=1 i=1 i=1
n—
m=Hqo— ). (aAtEAy); (11.45)

l
n

p=Hy— Z (aAtEA,);
=
Through substituting Eq.(11.43) and Eq.(11.44) into Eq.(11.31), the residual of
the equilibrium equation Roo!!! is obtained. Further substituting R into a Galerkin
variation equation gives
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/ Roo 17775)(1+ er)(l—erZ)(lJrffZ)dxdu*O (11.46)

that is a high order function of wo;.
Considering that the vertical displacement and the temperature step are small,
Eq.(11.46) is simplified as
Awg;+B =0 (11.47)

where

= (—2.844a’b*m — 2.844a*b? p — 2.496a°b%V + 5.325EA, fa*w,
—5.325EA, fb*w, +2.844EAa* > aAt — 1.765EA, f*a*
—1.765EA, f>b* +2.844EA a*b* aAt +17.472fa'"b*S
—4.263EAb*w? —28.681a%b'°U —27.974a'°b*R
—4.263EA, a“w§ )/a*b?

and
B = (2.844EA,a*b* aAtwg + 2.844EA a*b* aAtw,

+1.778EA, fa*b* oAt — 1.778EA, fa*b* aAt) /a’b?

The maximum deflection wy; of the structure at the temperature 7; is obtained
by solving Eq.(11.47). The complete deformation history is obtained by solving
Eq.(11.47) incrementally.

11.3.2.3 Verification

A diamond cable net structure is shown in Fig. 11.15. The two spans of the structure
are a=36.6 m and »b=24.4 m. The distances between the main cable and the stable
cable are Aa=Ab=9.15 m. The initial stiffness of the cable is EA,=EA,=293590 kN,
the applied load g=60 N/m?. The initial configuration of the structure is

2

2
7=13.66 <x z2> (11.48)

)
1

Fig. 11.15 Plan view of a cable net structure
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When the temperature increases from 20 °C to 100 °C the comparison of the
maximum vertical deflection of the structure predicated by the proposed method and
that by FEM analysis is listed in Table 11.19. It can be seen that the two results agree
very well.

Table 11.19 Comparison of the maximum vertical deflection (m)

Vertical displacement (m)

FEM results 0.06
Proposed method 0.067

11.3.3 Simplified Method for the Critical Temperature of a
Cable-Net Structure

11.3.3.1 Parameters that Affect the Critical Temperature of a Cable-Net Structure

For the commonly used cable net structure, the load ratio is in the range of 0.3-0.8
and the pre-stress ratio is less than 0.6.

The load ratio is defined as q

Gmax

R:

(11.49)

where ¢ is the applied load and gnmax is the load bearing capacity of the cable net
structure at ambient temperature.

1) Maximum applied load in an ellipical cable net structure
The maximum applied load is calculated by

10
dmax = ?(BOW(B)max +BIW(2)max) (11.50)
and

B EA, EAy

By = A A
EA.f EA, f (11.51)

By —3 xJ1 - vJ2
1 P bh

where gmax is the maximum applied load, @ and b are the length of the major and
minus radius of the ellipse, EA, and EA, are the stiffness of the main cable and the
stable cable respectively, Womax 1s the maximum deflection given by

3a2AH,
Womax = —f1 +\[ 7 + = (11.52)
X
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where fi is the initial deflection of the cable, AH,nax is the increase in the tensile
force in the main cable per unit width given by

AHymax = AxOmax — Hxo (11.53)

Oymax 1S the maximum stress in the main cable and A, is the cross-sectional area of
the main cable per unit width.

2) Maximum applied load in a diamond cable net structure
The load bearing capacity of a diamond cable net structure is estimated by

EA, EA,
Ginax = omax [o 711 ( ) 10441 ( = )} (11.54)

0.222 b? b*

and

ISaZAmeaX
= 11.55
W0Omax 16EA, f ( )

where f is the initial deflection of the cable.

3) Load bearing capacity of a parabolic cable net structure
The load bearing capacity of a parabolic cable net structure is determined by

Inax =~ T5790% (AWomax + BWamax + DWormax) (11.56)

3a*AH,
Womax = —f [ f2 4 T - (11.57)
X

and

b b b2
A= —2.4382my— 0271 m, —3.2519;10—0.6069;11 2,627~ f
;( 24o4h2+6 256hf — 4. 129f2)EA

2 @ (—4.691h+6.194f)EA (=9
(4. . ,

b a
D= —1.313$EAX - 2'064EEA"'

= 3. 940" EA, + =

where myg, my, ng and n; are determined by the initial state and load distribution.
The horizontal tensile force in the cable is determined through

2
onzmo—i-ml? (11.59)

X
Hyo:n()Jrnl?

where x and y are shown in Fig.11.15.

4) Load bearing capacity of a cable net structure determined when a stable cable
stops working
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The ultimate limit state is determined by the stable cable when it is in compression
or the tensile force in it reduces to zero. And the load bearing capacity is

Hmax LI(Z) 2“'(I"Imax - HO)
= -+ ——— 11.60
fmax = —5, \/Hg EAL (11.60)

where 0, is the distance between main cables, Hy is the initial tensile force in the
main cable and Hp,,x is the maximum tensile force in the main cable given by

Hiax = AxOmax (11.61)

11.3.4 Critical Temperature of a Cable-Net Structure with Elliptical
or Diamond Plan View

The curvature of every cable is constant along its length in a elliptical or diamond
cable net structure. If the dimension, the load ratio, and the pre-stressed stress ratio
between that in the main cable and that in the stable cable are given, the curvature of
the cable is determined.

Using the method proposed, the critical temperature of a cable net structure with
elliptical or diamond plan view is listed in Table 11.20.

Table 11.20 Critical temperature of the cable net structure with elliptical or diamond plan

view (°C)
Load ratio Critical temperature

Rpre-stress=0.3 0.4 0.5 0.6
0.3 564 566 572 588
0.4 530 530 544 558
0.5 494 506 512 528
0.6 472 474 484 502
0.7 440 442 452 474
0.8 408 412 422 452
0.9 374 378 394 426

Rpre-stress: Pre-stressed stress ratio between that in the main cable and that in the stable cable

11.3.5 Critical Temperature of the Cable-Net Structure with
Parabolic Plan View

The curvature of a cable is different at different positions in a parabolic plan view
cable net structure. And the pre-stressed stress ratio between that in the main cable
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and that in the stable cable is changing too. The critical temperature of a cable net
structure with three pre-stress ratios (0.5, 0.75, and 1.0) are listed in Tables 11.21-
11.23.

Table 11.21 Critical temperatures of the cable net structure with a ratio of 0.5 between the
pre-stressed stress in the main cable and that in the stable cable (°C)

Critical temperature

Load ratio

Rpre-stress=0.3 0.4 0.5 0.6
0.3 548 552 560 564
0.4 512 516 520 528
0.5 476 480 488 492
0.6 440 448 452 464
0.7 404 412 420 432
0.8 356 368 384 400
0.9 312 328 344 356

Rpre-stress: Pre-stressed stress ratio between that in the main cable and that in the stable cable

Table 11.22 Critical temperatures of the cable net structure with ratio of 0.75 between the
pre-stressed stress in the main cable and that in the stable cable (°C)

Critical temperature

Load ratio

Rpre-stress=0.3 0.4 0.5 0.6
0.3 552 556 564 572
0.4 512 520 528 540
0.5 476 484 492 508
0.6 444 448 460 480
0.7 408 416 428 452
0.8 360 376 396 420
0.9 328 328 352 384

Rpre-stress: Pre-stressed stress ratio between that in the main cable and that in the stable cable
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Table 11.23 Critical temperatures of the cable net structure with ratio of 1.0 between the pre-
stressed stress in the main cable and that in the stable cable (°C)

Critical temperature

Load ratio

Rpre-stress=0.3 0.4 0.5 0.6
0.3 556 560 572 584
0.4 520 520 536 556
0.5 484 484 504 528
0.6 448 452 472 500
0.7 412 416 444 476
0.8 372 376 412 448
0.9 328 332 376 420

Rpre-stress: Pre-stressed stress ratio between that in the main cable and that in the stable cable
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Appendix A: Parameters for Calculating the Smoke
Temperature in Large Space Building Fire

Table A-1 Parameters for calculating the smoke temperature in large space building fire with
small power fire

Floor Building Height Small power fire
area height  above T B
A (m?) h(m) Z(m) z K Slow Medium Fast  Ultra fast
500 4 4 180 0.6 6 0.002 0.003 0.004 0.005
3 145 0.85 0.5
2 140 0.7 0.8
6 6 1700.6 5 0.002 0.003 0.004 0.005
5 140 0.8 1
4 130 0.8 1
3 130 0.8 1
9 9 160 0.655 0.002 0.003 0.004 0.005
8 130 0.8 1
7 120 0.85 1
6 120 0.85 1
12 12 140 0.7 3 0.002 0.003 0.004 0.005
11 120 0.8 2
10 120 0.8 2
9 120 0.8 1
15 15 1200.8 2 0.001 0.002 0.003 0.004
14 110 0.8 2
13 110 0.8 2
12 110 0.8 2
20 20 90 0.858 0.00050.001 0.002 0.003

19 90 0.858
18 90 0.858
17 90 0.858
1000 4 4 18004 5 0.002 0.003 0.004 0.005
3 130 0.6 1

(To be continued)
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(Table A-1)
Floor Building Height Small power fire
area hight  above B
Am)  hm zm £ T " Slow Medium Fast Ultra fast
2 110 0.55 1
6 6 130 0.5 0.350.002 0.003 0.004 0.005
5 100 0.65 1
4 100 0.6 0.8
3 100 0.6 0.8
9 9 110 0.55 4.5 0.002 0.003 0.004 0.005
8 90 0.7 1
7 90 0.7 1
6 90 0.7 1
12 12 100 0.6 5 0.002 0.003 0.004 0.005
11 8 0.7 1
10 80 0.7 1
9 80 0.651
15 15 90 0.7 5 0.001 0.002 0.003 0.004
14 80 0.752
13 80 0.751
12 80 0.751
20 20 80 0.7 4 0.00050.001 0.002 0.003
19 70 0.8 1
18 70 0.8 1
17 70 0.8 1
3000 4 4 150 0.3 6 0.002 0.003 0.004 0.005
3 11004 2
2 90 0351
6 6 11004 3 0.002 0.003  0.004 0.005
5 100 0.4 1
4 100 0.35 1
3 100 0.35 1
9 9 90 0454 0.001 0.002 0.003 0.004
8 80 0451
7 80 0451
6 80 0451
12 12 80 0453 0.001 0.002 0.003 0.004
11 70 0.552
10 60 0.552
9 60 0.552
15 15 70 0.552 0.001 0.002 0.003 0.004
14 65 0.552
13 60 0.552
12 60 0.552
20 20 60 0.6 3  0.0005 0.001 0.0015 0.002
19 55 0551
18 55 0551

(To be continued)



Appendix A 335

(Table A-1)
Floor Building Height Small power fire
area hight  above B

Am?)  h@m Z@m) £ T M
17 55 0.551
140 0.157 0.002 0.003 0.004 0.005
100 0.25 2
100 0.25 2
100 0.2 6 0.002 0.003 0.004 0.005
90 0.256
90 0.2 0.9
90 0.2 09
80 04 7 0.002 0.003 0.004 0.005
70 0.3 3
70 03 3
6 70 03 3
12 12 70 03 5 0.001 0.002 0.003 0.004
11 60 0.354
10 60 0354
9 60 0.354
15 15 60 04 3 0.001 0.002 0.003 0.004
14 50 0451.5
13 50 0451.5
12 50 0451.5
20 20 50 04 6 0.0005 0.001 0.002 0.003
19 45 04 4
18 40 04 4
17 40 04 4

Slow Medium Fast  Ultra fast

6000 4

N~

~N 0 OfW K~ L QN W

Table A-2 Parameters for calculating the smoke temperature in large space building fire with
medium power fire

Floor Building Height Medium power fire
area height  above T B
Amd)  hm zm) £ T H Siow Medium Fast Ultra fast
500 4 4 330 0.754 0.001 0.002 0.003 0.004
3 280 0.75 0.5
2 230 0.75 0.5
6 6 300 0.6 4 0.001 0.002 0.003 0.004
5 280 0.7 1
4 240 0.75 1
3 240 0.7 1
9 9 300 0.752 0.001 0.002 0.003 0.004
8 260 0.75 1
7 240 0.75 1

(To be continued)
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(Table A-2)
Floor Building Height Medium power fire
area height  above T B
Amd  hm zm ¢ T " Siow Medium Fast Ultra fast
6 240 0.75 1
12 12 300 0.752 0.001 0.002 0.003 0.004

11 260 0.75 1
10 240 0.75 1
9 240 0.75 1

15 15 2800.7 1 0.001 0.002 0.003 0.004
14 2300.75 1
13 2300.7 1
12 2300.7 1

20 20 190 0.752 0.001 0.002  0.003 0.004
19 170 0.85'1
18 170 0.8 1
17 170 0.8 1

1000 4

~

230 0.6 10 0.001 0.002  0.003 0.004
190 0.8 2
150 0.8 1

2300.7 8 0.001 0.002 0.003 0.004
200 0.75 5
140 095 1
1101t

230 0.6 8 0.001 0.002 0.003 0.004
190 0.8 2
160 0.85 2
140 0.9 2

~N 0 O W B~ DN W

[=))

12

—
[\

210 0.657 0.001 0.002  0.003 0.004
180 0.8 1
170 0.8 1
170 0.8 1

O = =
O =

15

—_
W

170 0.75 3 0.001 0.002  0.003 0.004
160 0.75 1

150 0.8 0.5

140 0.8 2

—_ =
N W A

20

[\
[e]

150 0.7

3 0.0005 0.001  0.002 0.003
140 0.8 1

1

1

—_ =
o \©

130 0.8
130 0.8

—_
~J

3000 4

~

2300.3 7 0.0005 0.001  0.002 0.003
140 0.5 2.5
11004 1

180 0.455 0.001 0.002  0.003 0.004
140 0.55 3

110 0.6 0.8

100 0.55 1

Ol W ~ L O\ W

140 0.6 6 0.001 0.002  0.003 0.004

(To be continued)
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(Table A-2)
Floor Building Height Medium power fire
area height above B
A (m?) h(m) Z(m) z H Slow Medium Fast Ultra fast
8 130 0.6 3
7 1100.7 1
6 1100.7 1
12 12 140 0.6 4 0.0005 0.001  0.002 0.003
11 130 0.6 3
10 110 0.65 1
9 110 0.65 1
15 15 130 0.55 3 0.0005 0.001  0.002 0.003
14 110 0.65 1
13 100 0.65 1
12 100 0.65 1
20 20 120 0.6 4 0.0002 0.0005 0.001 0.002
19 110 0.6 3
18 110 0.65 2
17 110 0.65 2
6000 4 4 160 0.2 14 0.001 0.002 0.003 0.004
3 120 0.45 7
2 100 0.35 1.5
6 6 14003 8 0.001 0.002 0.003 0.004
5 11004 5
4 90 04 1
3 70 05 1
9 9 12004 6 0.001 0.002 0.003 0.004
8 10005 3
7 90 0.5 1
6 80 0.5 1
12 12 110 0.4 8 0.001 0.002  0.003 0.004
11 1000.5 3
10 90 05 1
9 90 0.5 1
15 15 100 0.45 8 0.001 0.002  0.003 0.004
14 90 0.5 4
13 80 05515
12 80 0.551.5
20 20 80 0.556 0.0005 0.001  0.002 0.003
19 70 0.6 4
18 70 0.552
17 70 0.552
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Table A-3 Parameters for calculating the smoke temperature in large space building fire with
Large power fire

Floor Building Height Large power fire
area height  above B
A (m?) h(m) Z(m) zn Slow Medium Fast  Ultra fast
500 4 4 880 0.6 6 0.0004 0.0008 0.0018 0.002
3 830 0.8 0.5
2 700 0.8 0.5
6 6 790 0.8 6 0.0004 0.0008 0.0018 0.002
5 750 0.85 3
4 680 0.8 2
3 5001 t
9 9 780 0.55 6 0.0004 0.0008 0.0018 0.002
8 720 0.7 1
7 620 0.75 1
6 580 0.8 1
12 12 780 0.6 6 0.0004 0.0008 0.0018 0.002
11 730 0.8 1
10 680 0.8 1
9 660 0.8 0.5
15 15 780 0.7 6 0.0004 0.0008 0.0018 0.002
14 740 0.75 0.5
13 700 0.75 1
12 680 0.75 1
20 20 640 0.7 6 0.0004 0.0008 0.0018 0.002
19 550 0.8 2
18 510 0.85 2
17 500 0.85 2
1000 4 4 830 0.4 8 0.0004 0.0008 0.0018 0.002
3 730 0.6 1
2 580 0.6 2
6 6 700 0.5 7 0.0004 0.0008 0.0018 0.002
5 620 0.7 2
4 500 0.8 1
3 400 0.85 2
9 9 660 0.6 8 0.0004 0.0008 0.0018 0.002
8 580 0.7 4
7 500 0.8 2
6 440 0.85 2
12 12 630 0.6 8 0.0004 0.0008 0.0018 0.002
11 550 0.7 2
10 480 0.8 1
9 460 0.8 1
15 15 610 0.6 6 0.0004 0.0008 0.0018 0.002
14 550 0.7 2
13 480 0.8 1

(To be continued)
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(Table A-3)
Floor Building Height Large power fire
area height  above T B
A (m?) h(m) Z(m) z 1 H Slow Medium Fast  Ultra fast
12 480 0.8 1
20 20 580 0.6 6 0.0003 0.0005 0.0015 0.0018
19 510 0.7 2
18 480 0.75 1
17 480 0.75 1
3000 4 4 660 0.3 8 0.0004 0.0008 0.0018 0.002
3 51004 6
2 43004 2
6 6 630 0.35 6 0.0004 0.0008 0.0018 0.002
5 58004 2.5
4 400 0.5 1
3 300 0.552
9 9 530 0.5 4 0.0004 0.0008 0.0018 0.002
8 450 0.55 3
7 3800.6 1.5
6 330 0.652
12 12 480 0.5 6 0.0004 0.0008 0.0018 0.002
11 460 0.55 2
10 3800.6 1.5
9 3800.6 1.5
15 15 450 0.55 4 0.0004 0.0008 0.0018 0.002
14 400 0.6 2.5
13 360 0.6 2
12 360 0.6 2
20 20 350 0.65 6 0.0003 0.0005 0.0015 0.0018
19 3200.7 2
18 280 0.75 2
17 280 0.75 2
6000 4 4 560 0.2 10 0.0004 0.0008 0.0018 0.002
3 490 0.25 6
2 400 0.3 2
6 6 540 0.26 7 0.0004 0.0008 0.0018 0.002
5 490 0.28 4
4 360 0.35 1
3 260 04 2
9 9 480 0.3 7 0.0004 0.0008 0.0018 0.002
8 400 0.36 6
7 3100451
6 280 0.5 0.8
12 12 410 0.4 7.8 0.0004 0.0008 0.0018 0.002
11 3500455
10 31005 1
9 280 0.55 2
15 15 380 0.4 7 0.0004 0.0008 0.0018 0.002

(To be continued)
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(Table A-3)
Floor Building Height Large power fire
area height above B

Am?)  hm zm Z T H* Sow Medium Fast  Ultra fast

14 33005 2
13 280 0.55 1
12 280 0.55 1

20 20 340 0.45 6 0.0003 0.0005 0.0015 0.0018
19 310045 3
18 28005 2
17 28005 2




Appendix B: Stiffness Matrixes of Beam-Column

Elements

The stiffness matrixes of beam-column elements are determined as
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Appendix C: Height of the Flame

Table C-1 Height of the flame

FJ)V & Height (m)
(m™ 1) T,=100 200 300 400 500 600 700 800
10 0.7 0.35 0.35 0.35 0.4 0.4 0.4 0.5 0.6
0.6 0.4 0.4 0.45 0.45 0.45 0.5 0.6 0.7
0.5 0.5 0.5 0.5 0.5 0.5 0.6 0.7 0.8
0.4 0.6 0.6 0.6 0.6 0.7 0.7 0.8 0.9
0.3 0.8 0.8 0.9 - - - - -
20 0.7 0.2 0.2 0.2 0.25 0.3 0.4 0.4 0.5
0.6 0.2 0.25 0.3 0.3 0.4 0.4 0.5 0.6
0.5 0.3 0.3 0.4 0.4 0.4 0.5 0.6 0.7
0.4 0.4 0.4 0.4 0.5 0.6 0.7 0.8 0.9
0.3 0.5 0.5 0.6 0.7 0.8 0.9 0.9 0.9
0.25 0.5 0.5 0.6 0.7 0.9 - - -
0.2 0.6 0.7 0.8 0.9 - - - -
30 0.7 0.15 0.2 0.2 0.25 0.3 0.35 0.4 0.4
0.6 0.2 0.2 0.25 0.25 0.4 0.4 0.5 0.5
0.5 0.2 0.2 0.3 0.4 0.4 0.5 0.6 0.6
04 0.3 0.3 0.4 0.4 0.5 0.6 0.7 0.8
0.3 0.4 0.4 0.5 0.6 0.7 0.8 0.9 -
0.25 0.5 0.5 0.6 0.7 0.9 - - -
0.2 0.6 0.7 0.8 0.9 - - - -
0.15 0.8 0.9 - - - - - -
40 0.7 0.15 0.15 0.2 0.25 0.3 0.35 0.35 0.4
0.6 0.2 0.2 0.25 0.3 0.35 0.4 0.4 0.5
0.5 0.2 0.2 0.3 0.3 0.4 0.5 0.5 0.6
04 0.3 0.4 0.5 0.5 0.6 0.7 0.8 0.9
0.3 0.4 0.5 0.6 0.7 0.8 0.9 - -
0.25 0.5 0.6 0.8 0.9 - - - -
0.2 0.7 0.8 0.9 - - - - -
50 0.7 0.15 0.15 0.2 0.25 0.3 0.3 0.35 0.4
0.6 0.15 0.2 0.25 0.3 0.35 0.4 0.4 0.5

(To be continued)
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(Table C-1)

E/V & Height (m)

(m™ 1 ) 7,=100 200 300 400 500 600 700 800
0.5 0.2 0.2 0.3 0.3 0.4 0.4 0.5 0.6
0.4 0.2 0.3 0.4 0.4 0.5 0.6 0.6 0.7
0.3 0.3 0.4 0.5 0.6 0.7 0.8 0.8 0.9
0.25 0.4 0.5 0.6 0.7 0.8 0.9 - -
0.2 0.5 0.6 0.8 0.9 - - - -

100 0.7 0.15 0.15 0.2 0.25 0.25 0.3 0.4 0.7
0.6 0.15 0.2 0.25 0.25 0.3 0.35 0.5 0.7
0.5 0.2 0.2 0.3 0.3 0.3 0.4 0.6 0.9
0.4 0.2 0.3 0.3 0.4 0.4 0.5 0.7 0.9
0.3 0.3 0.4 0.5 0.5 0.6 0.7 0.9 -
0.25 0.4 0.5 0.6 0.6 0.7 0.9 - -
0.2 0.5 0.6 0.7 0.8 0.9 - - -
0.15 0.7 0.8 0.9 - - - - -

150 0.7 0.15 0.15 0.2 0.25 0.3 0.4 0.6 0.9
0.6 0.15 0.2 0.25 0.25 0.35 0.45 0.75 0.9
0.5 0.2 0.2 0.2 0.3 0.4 0.5 0.9 -
0.4 0.2 0.3 0.3 0.4 0.5 0.7 0.9 -
0.3 0.3 0.4 0.4 0.5 0.7 0.9 - -
0.25 0.4 0.5 0.5 0.6 0.8 0.9 - -
0.2 0.5 0.6 0.7 0.8 0.9 - - -
0.15 0.7 0.8 0.9 - - - - -

200 0.7 0.15 0.15 0.2 0.25 0.3 0.5 0.8 0.9
0.6 0.15 0.2 0.2 0.3 0.4 0.6 0.9 -
0.5 0.2 0.2 0.2 0.3 0.4 0.7 0.9 -
0.4 0.2 0.3 0.3 0.4 0.6 0.9 - -
0.3 0.3 0.4 0.4 0.6 0.8 0.9 - -
0.25 0.4 0.5 0.5 0.7 0.9 - - -
0.2 0.5 0.6 0.7 0.9 - - - -
0.15 0.8 0.9 - - - - - -

300 0.7 0.15 0.15 0.25 0.3 0.4 0.6 0.9 -
0.6 0.15 0.2 0.25 0.3 0.4 0.7 0.9 -
0.5 0.2 0.2 0.3 0.4 0.5 0.8 0.9 -
0.4 0.2 0.3 0.4 0.5 0.7 0.9 - -
0.3 0.3 0.4 0.5 0.6 0.9 - - -
0.25 0.4 0.5 0.6 0.8 0.9 - - -
0.2 0.5 0.6 0.7 0.9 - - - -
0.15 0.7 0.8 0.9 - - - - -

Note: The -’ in the table means that (a) the effect of flame radiation need not be considered if C>0; and (b) the
1SO834 standard fire is used for calculating the temperature of a structural component if C<0. T,: Somke

temperature (°C)



Appendix D: Critical Temperatures of Composite
Beams

Table D-1 Critical temperatures of simply-supported composite beams (°C)

Fire duration  Load Critical temperatures (°C)
(min) level D=50 70 100
60 0.3 690 696 702
0.35 654 672 679
0.4 620 649 656
0.45 591 628 636
0.5 559 606 615
0.55 528 582 591
0.6 497 559 569
0.65 463 531 549
0.7 422 497 524
0.75 367 459 501
0.8 - 417 472
90 0.3 628 688 700
0.35 597 656 677
0.4 566 620 654
0.45 535 585 631
0.5 501 553 609
0.55 455 520 588
0.6 393 485 566
0.65 - 441 542
0.7 - 393 516
0.75 - - 489
0.8 - - 459
120 0.3 606 641 698
0.35 576 606 672
0.4 539 573 649
0.45 497 539 626
0.5 441 505 603

(To be continued)
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(Table D-1)

Fire duration  Load Critical temperatures (°C)

(min) level D=50 70 100
0.55 339 463 579
0.6 - 413 556
0.65 - - 528
0.7 - - 501
0.75 - - 472
0.8 - - 427

D: Slab depth (mm)

Table D-2 Critical temperatures of fix-ended composite beams (°C)

Fire duration  Load Critical temperatures (°C)
(min) level D=50 70 100
30 0.3 649 652 657
0.35 626 629 634
0.4 604 607 612
0.45 580 583 589
0.5 554 557 567
0.55 526 533 540
0.6 496 504 515
0.65 460 476 484
0.7 421 439 452
0.75 365 389 412
0.8 - - 355
60 0.3 629 644 657
0.35 604 621 634
0.4 580 595 610
0.45 551 570 586
0.5 522 540 561
0.55 492 511 537
0.6 456 476 508
0.65 417 439 476
0.7 355 389 443
0.75 - - 398
0.8 - - 314
90 0.3 612 626 652
0.35 586 598 629
0.4 557 570 604
0.45 530 544 580
0.5 496 511 554
0.55 452 476 526
0.6 394 439 496
0.65 - 389 460

(To be continued)
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(Table D-2)

Fire duration  Load Critical temperatures (°C)

(min) level D=50 70 100
0.7 - - 417
0.75 - - 350
0.8 - - 427

120 0.3 604 610 647
0.35 577 583 623
0.4 547 557 598
0.45 511 526 567
0.5 468 492 537
0.55 412 452 508
0.6 - 394 468
0.65 - - 430
0.7 - - 370
0.75 - - 350
0.8 - - 427

D: Slab depth (mm)



Appendix E: Critical Temperatures of a Steel Col-
umn Subjected to Combined Axial Force and Bend-
ing Moment

Table E-1 Critical temperature of a steel component subjected to the combined axial force
and bending moment fails by buckling 7, or T, (°C)

fy ex ex Load ratio Ry (Ry)

A \/ % (ey2) (ey1) 0.30 0.35 0.40 0.45 0.50 0.55 0.60 0.65 0.70 0.75 0.80 0.85 0.90
<50 - - 670 649 630 612 595 577 560 542 524 506 487 467 446
100 <0.1 0.1 667 647 630 614 599 582 565 547 528 508 487 463 438
0.3 662 642 625 609 594 577 559 541 522 502 481 458 433

1.0 660 640 623 607 590 573 555 537 519 499 479 457 433

3.0 665 644 626 609 592 575 557 539 521 502 483 462 440

>10 671 650 631 613 596 578 561 543 525 507 488 468 446

<0.3 <0.1 669 649 631 615 600 583 566 549 530 510 489 466 441

0.3 665 645 628 612 596 579 562 544 525 505 484 462 437

1.0 663 643 625 608 592 575 557 539 521 501 481 459 435

3.0 666 645 627 610 593 575 558 540 522 503 484 463 440

>10 671 650 631 613 596 578 561 543 525 507 488 468 446

1 - 668 647 629 612 596 579 561 544 525 506 486 464 441

>3 - 671 651 632 615 598 581 563 545 527 508 489 468 446

150 <0.1 0.1 663 643 628 613 600 584 567 550 529 508 484 457 426
0.3 657 638 622 608 593 576 559 541 521 499 476 449 420

1.0 656 637 620 605 589 572 554 536 516 496 474 450 423

3.0 662 642 624 607 591 574 556 538 520 501 480 459 435

>10 670 649 630 612 595 578 560 543 524 506 487 467 445

0.3 <0.1 666 646 630 616 602 586 569 552 532 511 488 462 432

0.3 661 642 626 611 597 580 563 545 525 504 481 455 427

1.0 659 639 622 607 591 574 557 539 519 499 477 454 427

3.0 663 643 625 608 592 575 557 539 521 502 481 460 436

1 >10 670 649 630 613 595 578 560 543 525 506 487 467 445

<0.1 670 650 633 618 604 588 571 554 535 514 492 467 439

0.3 668 648 631 615 601 585 568 551 531 511 489 464 437

(To be continued)
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(Table E-1)

f:v €x2  €xl

Load ratio Ry (Ry)

235 (ey2) (ey1) 0.30 0.35 0.40 0.45 0.50 0.55 0.60 0.65 0.70 0.75 0.80 0.85 0.90

1.0 665
3.0 666
>10 670

645
645
650

628
628
631

612
611
613

597
595
596

580
578
579

563
560
561

545
543
544

526
524
525

506
505
507

484
484
488

461
463
467

435
439
445

3 - 670

650

632

616

602

585

568

550

531

512

490

467

441

=10 - 672

652

634

618

602

586

569

551

532

513

492

469

445

200 <0.1 <0.1 661
0.3 655
1.0 654
3.0 661
>10 669

642
637
635
641
649

627
621
619
623
630

613
607
604
607
612

600
593
588
591
595

584
576
571
573
578

567
559
554
556
560

550
541
535
538
542

530
520
515
519
524

507
498
495
500
506

482
473
472
479
486

452
444
446
457
466

418
412
419
433
444

0.3 <0.1 664
0.3 659
1.0 657
3.0 662
>10 669

645
640
638
642
649

630
625
622
624
630

616
611
607
608
612

603
597
592
592
595

588
581
575
575
578

571
564
557
558
560

554
546
539
540
543

534
526
519
521
525

512
504
498
501
506

488
480
476
481
487

458
451
450
458
466

423
418
422
434
444

1.0 <0.1 668
0.3 665
1.0 663
3.0 664
=10 670

648
646
643
644
649

633
630
627
627
631

619
616
612
611
613

606
603
599
596
597

592
588
582
579
579

576
572
565
562
562

559
554
547
544
544

540
535
528
525
526

518
513
507
505
507

493
489
484
484
487

464
461
458
461
467

07
426
427
435
444

>3.0 <0.1 667
0.3 668
1.0 668
3.0 669
>10 670

648
649
648
650
650

631
633
632
634
632

615
619
617
620
615

601
606
604
607
599

585
593
589
594
582

568
577
573
578
565

550
559
555
561
547

531
540
536
542
528

511
519
515
520
509

439
494
492
496
489

464
466
464
467
467

436
428
430
428
443

‘-’ indicates that the item can takes any value



Appendix F: Maximum Fire Power at Which a
Grid Structure Does not Need Fire Protection

Table F-1 Maximum fire power that a grid structure does not need fire protection (MW)

A H Maximum fire power

(m?) k (m) n=0.8 0.7 0.6 0.5 0.4 0.3 0.2
500 0.8 4 7.6 54 35 2.6 22 1.7 1.3
6 9.1 6.6 39 2.9 2.4 1.8 1.4
9 9.2 6.7 4.0 3.1 2.6 2.1 1.7

12 9.2 6.7 4.1 33 29 2.4 2.1
15 9.8 7.4 4.5 3.7 33 2.8 2.5
20 144 11.7 78 59 5.0 4.2 3.6

0.7 4 100 79 4.8 3.7 29 23 1.7
6 11.8 95 5.8 4.2 33 2.6 1.9
9 120 95 5.8 4.2 34 2.8 2.1

12 120 95 5.8 43 3.6 3.1 2.5
15 12.5 102 6.6 4.7 4.0 34 2.8
20 17.3 14.7 10.8 8.2 6.6 53 4.2

0.6 4 11.8 938 6.4 4.4 3.6 2.8 23
6 13.8 1.7 7.7 5.0 4.0 32 2.5
9 14.0 11.8 7.8 5.0 4.1 33 2.7

12 14.0 11.8 7.8 5.0 42 35 3.0
15 14.4 123 85 5.8 4.6 39 34
20 19.5 17.1 129 99 8.0 6.4 5.1

0.5 4 132 11.3 7.8 52 4.1 33 2.7
6 15.5 133 94 6.4 4.7 3.8 3.1
9 15.7 135 95 6.5 4.7 39 32

12 15.7 135 95 6.5 4.8 4.0 34
15 16.0 13.9 10.1 7.2 5.1 4.4 3.8
20 21.3 18.9 14.6 114 93 7.5 6.2
14.6 126 93 6.4 4.7 39 3.1
17.0 14.8 11.0 7.8 574. 43. 6

17.2 15.0 112 738 5.7 4.4 3.7

(To be continued)
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(Table F-1)
A H Maximum fire power
(m?) (m) n=0.8 0.7 0.6 0.5 0.4 0.3 0.2
12 172 150 112 78 5.7 4.5 3.8
15 17.5 154 11.7 85 6.4 49 42
20 229 205 16.5 129 106 87 7.1
0.3 4 159 138 10.7 7.6 5.6 44 35
6 18.5 16.1 126 9.2 6.9 5.0 4.0
9 18.8 16.3 128 93 7.0 5.0 4.1
12 18.8 16.3 128 93 7.0 5.0 42
15 19.0 167 133 99 7.7 5.8 4.6
20 246 220 182 144 120 99 8.0
1000 0.8 4 10.7 8.7 5.8 3.8 25 1.0 *
6 123 9.7 6.0 4.4 3.8 3.0 2.4
9 13.0 101 6.1 4.5 4.0 33 29
12 14.1 112 7.1 5.0 4.4 3.7 32
15 155 127 88 6.8 5.9 4.7 4.0
20 167 138 9.8 7.8 6.8 5.6 4.7
0.7 4 129 110 8.0 7.0 6.1 3.0 1.0
6 15.1 12.6 8.8 6.4 49 4.0 3.0
9 160 133 92 6.5 49 42 3.4
12 172 145 102 75 5.8 4.7 3.8
15 18.5 159 11.8 92 7.6 6.2 4.8
20 197 171 129 103 8.6 7.2 5.7
0.6 4 14.5 128 9.6 9.2 73 4.5 2.8
6 172 149 108 8.0 6.2 4.8 39
9 18.3 15.8 114 83 6.3 4.8 4.1
12 196 17.1 125 93 73 5.6 45
15 20.7 183 140 109 9.0 7.4 6.1
20 220 196  15.1 12.0 10.0 84 7.0
0.5 4 159 141 109 113 85 5.6 45
6 189 166 125 95 7.4 5.7 4.6
9 20.1 17.7 132 99 7.7 5.8 4.7
12 21.5 190 144 110 87 6.8 53
15 226  20.1 158 125 103 85 7.1
20 239 214 170 136 114 95 8.1
0.4 4 17.1 153 12.3 133 9.6 6.4 52
6 20.5 182 143 109 87 6.8 53
9 219 194 151 114 9.0 7.0 53
12 232 207 16.3 12.5 10.1 8.0 6.3
15 242 218 176 140 116 97 8.1
20 - 23.1 189  15.1 127 107 9.1
0.3 4 18.3 164 136 153 107 74 5.9
6 220 196 159 123 100 8.0 6.2
9 236 210 170 13.0 104 83 6.3
12 25.0 222 182 141 115 93 7.2
15 - 233 194 156  13.1 11.0 9.0

(To be continued)
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(Table F-1)
A R H Maximum fire power
(m?) (m) n=0.8 0.7 0.6 0.5 0.4 0.3 0.2
20 - 246 207 167 142 12.0 100
3000 0.8 4 13.0 10.1 6.1 43 35 2.5 1.8
6 14.8 121 82 6.3 5.4 43 35
9 184 153 10.8 8.6 7.5 6.2 52
12 204 16.8 11.7 9.1 7.9 6.4 52
15 219 181 127 100 87 7.1 59
20 - 24.1 16.6 128 11.0 8.7 7.1
0.7 4 160 133 92 6.5 4.9 3.8 2.5
6 17.8 152 112 87 7.1 5.8 43
9 21.8 18.8 142 113 95 7.9 6.2
12 242 208 156 122 101 84 6.4
15 - 224 169 133 1.1 92 7.1
20 - 224 174 14.3 1.7 88
0.6 4 18.3 150 114 83 6.3 4.7 3.6
6 199 176 133 103 85 6.9 5.6
9 243 216 16.6 132 1.1 9.2 7.7
12 - 240 184 144 119 98 8.1
15 - - 198 156 130 108 89
20 - - - 20.7 170 139 114
0.5 4 202 177 132 99 7.7 5.8 44
6 217 194 151 119 938 8.0 6.6
9 - 236 187 150 125 105 89
12 - - 20.7 16.5 13.7 11.3 95
15 - - 223 17.8 148 123 104
20 - - - 23.7 19.5 160 134
0.4 4 219 194 151 114 9.0 7.0 53
6 234 210 169 134 110 9.1 7.5
9 - - 208  16.7 140 118 10.0
12 - - 23.1 184 154 128 10.7
15 - - 249 199 16.6 139 11.7
20 - - - - 220 183 15.2
0.3 4 236 209 170 13.0 104 83 6.3
6 250 224 186 149 124 104 84
9 - - 228 184 156 133 11.0
12 - - - 204 172 14.5 11.9
15 - - - 220 186 157 12.9
20 - - - - 247 20.7 16.9
6000 0.8 4 17.1 140 9.7 7.5 6.5 52 2.6
6 18.1 15,0 107 85 7.5 6.2 52
9 206 172 124 100 88 7.4 6.3
12 244 203 14.5 11.7 103 85 7.3
15 - 22.1 15.9 129 114 95 8.1
20 - 250 183 150 134 114 99
0.7 4 204 1745 130 102 84 6.9 52
6 214 185 140 112 94 7.9 6.2

(To be continued)
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(Table F-1)
A R H Maximum fire power
(m?) (m) n=0.8 0.7 0.6 0.5 0.4 0.3 0.2
9 243 211 16.1 129 109 93 7.4
12 - 249  19.0 152 128 10.8 8.6
15 - - 20.7 16.6  14.1 119 9.6
20 - - 235 19.1 16.3 140 115
0.6 4 228 202 154 12 9.9 8.1 6.7
6 238 212 164 13.0 109 9.1 7.65
9 - 24.1 187 150 127 107 9.1
12 - - 22.1 17.7 14.9 12.5 10.5
15 - - 24.1 19.3 16.3 13.7 11.6
20 - - - 219 187 159 137
0.5 4 248 222 174 13.8 114 94 7.8
6 - 232 184 1438 124 104 838
9 - - 209 169 143 12.1 10.3
12 - - 248  20.0 16.8 14.1 12.1
15 - - - 21.8 184 155 13.3
20 - - - 246 209 178 15.5
0.4 4 - 24.0 194 154 128 10.7 8.9
6 - 250 204 164 138 11.7 99
9 - - 232 188 159 135 11.5
12 - - - 222 187 159 135
15 - - - 241 204 174 148
20 - - - - 232 1938 17.1
0.3 4 - - 214 171 144 124 99
6 - - 224 181 1547 131 10.9
9 - - - 20.7 176 151 12.6
12 - - - 245 208 177 14.8
15 - - - - 226 194 162
20 - - - - - 22.0 18.6

‘-’ stands for the fire power can be any value; * stands for the structure need fire protection
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A

ABAQUS 202, 204

ANSYS 156

Axial load 116, 121, 190

Axial restraint 189, 192

Axial restraint stiffness 139, 153, 154
Axially restrained steel column 244
Analytical 6, 7

Approach 5, 6,7

Arc length of the buckled lower flange 176

B

Bending moment 98

Bending moment capacity 93, 94
Buckling temperature 189, 198
Broadgate Street 1

Building 1, 2

BRE Blackness factor 86

C

Cardington 99, 113
Cardington fire test 189
Catenary action 131, 139, 142
Column buckling curve 117
Configuration factor 88
Convective heat transfer 67
Critical temperature 2, 38
Critical element 311

Critical stress 115, 117

Creep strain 41

Compartment fire 13, 15
Comprehensive heat transfer 71, 73

Coefficient 54, 57, 59

Cooling phase 20, 32

Combined axial load and bending moment
205, 222

Concrete compressive ring 276

Continuous approach 316, 317

Cable net structure 65, 316

D

Damage of fire protection 245
Design temperature 6
Deflection reversal 150, 151

E

Effective length of column 199

Effective width of the concrete slab 102, 103,
105

Effects of non-uniform temperature distribu-
tion 216

Emissivity 69

Enclosure fire equivalent 14

Exposure time 31, 32

Experimental approach 6

Empirical rating 12

Effective axial stiffness 145

Equivalent axial stiffness 283

Equivalent bending stiffness 284

F

Finite element method 79, 91
Fire engineering 185

Fire load density 33
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Fire protection 5, 8 Modified factor of the overall stability factor
Fire protection thickness 107, 234 118
Fire resistance 2, 5
Fire resistant steel 37 N
Fire test 9, 132 Nature fire
Flashover 14, 15 Non-uniformly distributed temperature 314,
Fire power 32 316
Fracture of the beam-to-column connection 1,
3 (0]
Fuel controlled fire 14, 16 Overall buckling 312
Field model 17, 18 Overall stability factor 94, 95
Fire duration 21, 89
Failure temperature 189, 198 P
Failure criteria 206, 237 Parametric fire 21

Partial fire protection 113, 159
G Portal frames 299, 300
Global collapse 1 Post buckling 130, 189
Grid Structure 35, 91 Post flash over 17

Prescriptive approach 6
H Proof stress 41, 48, 49
Heat transfer 231
Hogging bending moment 179 R
Hydrocarbon fire curve 69 Radiation 67, 63

Heating models 7
Heat release rate 12, 15, 16
High strength steel 37, 48

Restrained steel beam 131, 132, 133
Restrained steel column 189, 190

Restrained slab 2
Heavy weight fire protection 69, 70 e ra}ne slab 256 .
- Restrained steel-concrete composite beams
Heavy section 159 169

Restraint stiffness 174, 178
Required fire 96, 97
Resistance time 97, 121
Rotational 146, 147
Restraint 147, 150

L Residual deflection 199, 200

Large deflection 145, 146
Lateral torsional buckling 93, 94
Light weight fire protection 72

I

Integrated configuration factor 88
Interaction equations 214, 219
Isolated beam 139, 143

S
Sagging bending moment 179

Limit state 113, 186 Section factor 69, 71
Local buckling 1, 3 Simplified method 78, 131
Load ratio 95, 97 Stainless steel 37, 54
Localized fire 256 Standard fire test 99, 131
Limit state function 5 Steady state 28, 34, 40
Large space building fire 13, 314 Stress-strain curve 48, 49, 60
Load eccentricity 240 Structural models 7

Swedish curves 20, 21
M Specific heat 24, 37
Membrane action 245, 252 Slenderness ratio 118, 119

Mass of equivalent wood 11 Stability stress ratio 310
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Structural load ratio 311, 315 Ultimate limit state 2

T v

Temperature distribution 13, 27 Ventilation controlled fire 16
Thermal bowing 202 View factor 69, 81

Thermal expansion 40, 54

Thermal conductivity 37, 38, 39 W

Taipei Oriental Science District Building 1,3  World trade center 1
Transient state 40, 41

Thermal Force of Element 287 Y
Tapered member 301, 303 Yielding load 238
U V/

Unprotected structural component 70, 71 Zone model 17, 18, 23



